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e design of by the classical is briefly reviewed to serve as 


it is noted that 


‘sign p procedure especially for shells of double curvature. . To determine the © ae 
effect of these disturbances, use has been made of the analogy between a shell - 
eurved in one direction and a beam on elastic foundations. This analogy is — 
presented and provides a rapid means by which a design may be made. tin a 
Research data are presented and discussed. These data clarify | the be 
7. havior of shells having various schemes of reinforcement, show the stiffen- =e 
ing influence of edges, and illustrate types of failure. In the absence of a re- “ 
- liable theory of buckling, model studies of buckling phenomena should be made. b: 4 
The present trend is to use small scale inexpensive models. Attention is di- _ : 
‘rected to the choice of model material in relation to concrete. eer 


further research in shell is is emphasized. 


‘The most exact theory for the : analysis of cyli cylindrical shells is that given 


problem. the early work done on the calculation of 
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barrel shell. Moreover, the accuracy of the results was not proportional to t 
— | rule in the analysis, all internal forces in the shell are expressed as as 
: _ functions of the three linear displacements. Aas-Jakobsen(1) was the first to 
arrive at a more convenient method of calculation; he was: able to express a: all , 
| Estee in terms of the e displacement w_ w normal to the shell su: =a 
face only. He also separated multipliers from the statical quantities. The — 
d tables given by Aas Aas. ~Jakobsen have simplified the design of n of shell 


. _ The exact solution of the equations bein mg, very laborious, approximate meth 
2 


_ tions were intricate and elaborate. It took weeks to calculate a = 


ods have been developed by Finsterwalder( ) and « others. To that end some Ka 4 
terms of less importance were re neglected. By s so 30 doing the calculations were 
= simplified, but the scope for which the formulae may be applicable is limited. 
ae) the so-called D.K. J. * method all terms : are carefully considered as to a 
= their importance and the e unimportant ‘ones are e omitted. This leads to a sim- 


‘plified and lucid theory. based on the equations originally developed by 


former has been given to the method of Schorer(5) in 
- which important influences were neglected and those terms omitted. The 
characteristic equation then appears in avery simple form. However, now = 
that the D.K.J. method is coming into the foreground the differences: in the a 
usability of the two methods are small. 
Besides these analytical methods, ‘which are thoroughly critically sur-— 
veyed ina recent book by Holand, (6) "even more « elementary methods have been | 
developed. _ Well known are the beam- methods of Lundgren which lead under = | f 
4 certain circumstances (long ‘Shells, fixed edges) to reasonably good results. — ! 
Because of the complicated analytical ‘methods generally required, new 
a ‘procedures have been advocated to expedite design calculations. If one is — ory 
concerned with the rupture - -load for long barrel shells, a plasticity - -theory ihe 
may be used as applied by Johansen and Baker. Too many factors are in- AS ca 
a volved in three-dimensional structures, however, and too few research data = 


are available for the Gevelopment of a of plasticity applicable 


_ The theory of elasticity is necessary to determine the safety against | crack- 
ing. . This is of primary importance in the case of thin concrete structures _ Pi 
E ‘such as shells. Cracks may easily lead to corrosion of reinforcement and 
_ deterioration. “Therefore, whatever use is made of rupture or limit- design — x 
Zz theories, it is not likely that the theory of elasticity can be ignored in 1 the de- 
gery The general principle that a ‘shell is a membrane with ¢ disturbed edges: ap- 
plies to both single and double curvature shells. Large domes and cupolas — 
: two radii of curvature in the same direction and the elegant hyperbolic 


shells with radii of curvature may be considered as membrane stru 
; a Mem brane 1 stresses are typical for a shell. Due t to its thinness, a shell i 
unable to any appreciable le bending. Without restraint at the ‘edges, the the 
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i of the membrane. Deformations due to temperature or partial loading will 


_ take place in order to maintain this state of equilibrium; however, the ao: 


_ beams and diaphragms will allow only small deformations ‘because they re 


strain the edges of the shell. By introducing edge-conditions, ce 
= been able to solve the shell equations. 


For example, consider shells of ‘curvature for which the dis- 
_ turbance manifests itself as a transverse bending moment. A non- woe 
_ symmetrical section will experience more disturbance than asymmetrical _ 
one. This also holds true for non-symmetrical loading. Moreover, restraint 
at the edges will have an influence. _ Thus a north-light shell structure will 


7 have considerable transverse bending moments whereas a a barrel shell with — 


types of barrel shells are re compared; e. e.g., long against short shells, is 
a distinct and well-known difference. 
4 Thus for well designed shells of average curvature, ‘these disturbances can | 
be confined to the edge-region. | . Each disturbance may be replaced by an edge + 
reaction plus a bending moment. Considering only circular cylindrical shells 
_ which are loaded symmetrically about the axis there is an analogy toa beam > a 
on elastic foundations. Fora beam that has a constant moment of inertia and so : 
es: is uniformly loaded and elastically supported along its entire length, the dif- a, 
—— 


ferential equation be written 


w denotes the deflection a1 and k the modulus. 


the e tangential | force 


_ a dies with a width of unity (Fig. 1) is coneidered, ‘te. te may be as- 

~~ to be elastically supported by the remainder of the cylindrical shell 


a and the tangential reactions will be proportional to the radial displacement. * 


‘These reactions will reduce = radial load and may be written as 


shell conforms to an internal network Of forces which follow the curved shape 
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‘in which D= flexural rigidity 0 of the oe 


~The differential equation may be written as 


aa _ is well known and is given as — oe 
4 A particular solution is of which the fourth differential equals q 
a. zero. This particular solution physically represents the state of membrane- 
The general solution shows the of the ‘edges; e.g., the disturbance 


a in the state of the membrane , which may be interpreted mechanically by two | 


waves; each wave emanating from an 
ia _ These waves dampen quickly. As is known from the theory of beams on en 
elastic A4 and have the same significance) 
for the nature of the damping. shells, the - 


B ‘modulus: eB is large, which 1 means ‘that the elastic foundation is is ve very - stiff. eit 


‘Therefore in practice cg = c4 . This means that the edges do not influ- 
“aa ence each other. Each edge has one wave which is dampened out quickly. 


It is often to write the solution in a somewhat dif- _ 


7 ferent manner as w = *sin (vx which w denotes a phase- shifting. 
The equation may derived | from the general ‘solution by writing C sin 


In this manner the various stress-functions may easily be determined, — 
The moments = -D > and and shears Q, = may be obtained in 
if the particular integral is left out, it is found that the functions _ 
My, Qx run there is only a phase-shifting 
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shell loaded symmetrically about its axis, several 
E the beam problem may be used for a shell. One case from a recent ae 


tion(8) is presented. It shows that two parameters « of the beam analysis may a 7 
introduced into a simplified shell These parameters ; are a 


— deformations 2). 
be determined from the edge- 


the formula for is given by bide 


maximum n displacement place under the load and amounts to 


Be latter equation als 


x= - the load 2P will be balanced by th com- 


of reaction beyond this } range which is compensated by an 
e da 


& 
ABSUME hg cyunder supje a radial 10a along 
éBeecausse of symmetry the same results may be used for a cylin- 

| 
=the maximum moment may be written as 
represents the maximum moment in a beam that is 
ends, has a span b, and is loaded with 2P at midspan. : 2 | 
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1959 
equivalent width 2c may now introduced. For this width the 
: EDR Ny | is assumed to be constant and equal to the maximum value at 
By substitution into the exprestion for Wx » the following is obtained: 


= 
using formulae hitherto developed, maximum moment 


calculate d 


In the Dutch publication mentioned, (8) the maximum 1 bending moment | has 
a ‘ale poner out for a number of basic cases. Only the first case has been : 


Ih this manner the "design | engineer can be supplied with simple rules. 
to calculate the maximum values of the disturbing bending moments. . To - 
extent, these moments govern the and the reinforcement of 
' oe may be questioned whether f for the diien of practical application this 
: e method of solving the edge-disturbance problem may be extended to domes be 
Ee symmetrically loaded about the axis. As a matter of fact, this procedure was . 
a _ advocated by Geckeler(9) as early as 1926 for the design of this type of shell. a 
Though different in its he ci came to same differential equation | of 
Results of the ‘mathematical solution show that the a approximation in the 
i a The solution may also be interpreted physically by replacing the dome by : 7 


cylindrical shell with the same radius (Fig. 4). ‘This approximation may also 


f _ beam analogy method may be used as long as the angle ¢ is not too small. 
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is obs observed red (Fig. 5). = 


We ae been performed to study a particular type of structure or a certain 
‘phenomenon. As to ‘the latter, everyone is a. interested in the behavior . 


favorably influence the behavior; e.g., , increase of span "and decrease of curva- 
ture. A shell with a very large radius is apt to buckle (it approaches aot 
- straight plate) nical for large spans the influence of creep and temperature 
is evident and will lead to an appreciable dislocation of pie external forces 
with respect to the central plane of the membrane. j 
_ In the field of steel structures (for instance, thin s steel tes) considerable. < 
research has been conducted and results have been published. However, most | 
_ designers would rightly hesitate to transform this knowledge to thin concrete rg 
7 .- shells. Although theoretical formulae exist, there is a definite lack of experi- ae 
mental verification of them. AS a matter of fact, little research has been done 
i. in concrete shells. ¥ Tests have indeed been made 0 on thin shells of long span pr 
_ but almost always in direct relation to certain structures which were to be 
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_ Therefore, our knowle 


formulae. Consequently, in ge high factors of safety are used. It 
is also advisable to use conservative (low) values of the modulus of elasticity 


in order to account for the reduced stability due to creep. 


_ data, series of shells should be investigated in which one or two esse 


Furthermore, it should be recognized that this difficult problem of buckling — J 
BS; is only encountered for very long | spans. Therefore, in the majority of shells, — 
buckling i is not a major problem. for barrels, sheds, butterflies and hy- 
be perbolic shells r many problems are e yet to be solved. _ These have to do with Bak 
economy and architectural design, and with form and shape. For example, . 
little is known concerning the behavior of a shell when an edge beamis i 
e omitted. Likewise, very little is known about the effect of various types and es af 
_ locations of reinforcement used in the shell-body and in the edge beam. fo bo , 
Tests conducted on full-size structures are costly. Finally they provide 
_ information on the behavior of one structure only. In order to develop funda - a 


tial items : are varied. Practically no laboratory c: can afford to use full - 


‘There is, however, a limit to | the reduction of the thickness of a shell. “— 
the principle is observed that the materials of models should have the same a 
_ characteristics as the concrete in the prototypes, the scale of the models — 
be reduced to about 1:: 1:3 } provided 1 micro- is used. If 
tar is used, , the scale 1 may be as small as 1:10. The ratio between the model a 


i _ and the prototype is governed by the fact that a thickness of abouticm.has __ Ff iy 
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and casting of In such models it is possible to obtain approximately 
ie the same stress-strain diagram as for shell concrete. jg © 
er Correspondingly, the size of the reinforcement must be reduced. More im- 
a portant even than a reduction in size will be aay with the properties of ie 
the ordinary mild steel used in shell design. In order to r reproduce the cor-— 
rect amount and spacing of the reinforcement in models on a 1:8 scale, steel 
wit a diameter of about 1 mm. should be rt In the Netherlands only 
steel wire of this diameter is available. 


— has more often been carried out on 1:8 scale models. 
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iy. i “ian the qualitative behavior of the shell type under consideration. For ex- ; 

i ample, will edges” influence the deformation? Which phenomenon will prevail: oa 

failure through bending o or shear; buckling or twisting? Concerning the latter 

4 _ phenomenon, some research has been carried out on shells of long spans or fC 

ba daring design. However, this research has always been on very small scale 

models. Esquillan used small paper models for his French Industry Exhibi- 

: a tion Building. In Holland, the author used cardboard models on a 1:35 scale 

for a north-light structure of two 40-m. spans. 
is Summing up, three categories of tests may be distinguished. ‘They are as = 


(a) qualitative research small models, (b) re- 


on on cineatar c lindrical shells of the barrel type. The are lon lon: shells = 


& > 2. 5) and of a type commonly | used. p Figs. 6 to 12 are sine nite the re- 


port of the teste.) 


a The first series of shells to be tested consisted of six alte of ‘iii. 


. dimensions in which only | the reinforcement was varied. ‘The scale factor was 
a 8. The dimensions of the shell models are L = 336 cm.,B=130.5cm., 


fs = 100 cm. fem., 2, : = = 90°, The edge beams measured 10 x 2 cm. (Figs. 6 and 

In shell No. 1, the amount of reinforcement | in the edge en was calculated _ 
by the traditional straight-line method assuming that the concrete takes | no a 

_ tension and that the total tensile force in the beam is taken by the steel. _—. eee 


eo the end diaphragms, the bars that were no longer needed for the aed ae 
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Tests On Shell Roof Models OF Reinforced Mortar. 


in mid span 


shell - series 


were as usual. shell-body was reinforced by using 
. square mesh at both top and bottom. The end diaphragms were only slightly a 
reinforced with top and bottom reinforcement; Fig. 8 shows one of the models. if 
ay Ih other shells of this series, either the reinforcement in the edge-beam 
7 OF in the shell body was varied, or both. Although the same area of steel was _ 
> _ used in the edge beams in every case, location and distribution of the rein- Aca 
forcement were varied. In shell No. 5 high tensile strength steel was used. a 7 
= The amount of reinforcement in the shell- -body in shell No. 4 was halfof 
; - that in shell No. 1 and in shell No. 3 it was reduced to practically nil. The oil. 
ea diagonal reinforcement remained unchanged. The reinforcement inthe end __ 


ie diaphragms, which | proved insufficient in shell No. 1 and contributed to a pre - 
_ mature collapse, was augmented in the shells tested later, 
—-' The first crack always occurred at the bottom of the edge-beam. It ap- mew 

be peared at roughly 0.5 and 0.6 of the load for which the shell was designed. oe 
exception was found in shell No. 3 where the first crack occurred at about 
i a 3 of the design load. A longitudinal crack developed in the « shell proper at ae 
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if 


stresses became smaller at the a definite 
= cy for the maximum stresses to shift away from the crown. The sag in the - 
curve of longitudinal stresses becomes more pronounced at the crown; Seiie 
i. compressive stresses ‘concentrate | more and more towards the edge-beams ne 
i (Fig. 9). Moreover, tests show that a certain discontinuity in the curve of the 
transverse moments have no influence on the longitudinal stresses. 


‘ Shell No. 1 collapsed at an early stage due | to a shear failure in one of the 


comers where the edge-beam and the transverse diaphragm intersect (Fig. 10). 
” _ To prevent this mode of collapse, the edge beams of succeeding shells were i 
bes widened somewhat in the vicinity of the diaphragms and the reinforcement at ae 
those locations was greatly increased. 2 
_ For long shells, one may obtain an idea of the collapsing load by calculating . 


_ a shell according to a theory of rupture in which the shell is considered to act ie 
a as a beam. This calculation was made for the five shells mentioned. To de-— 

_ termine the tensile force in four of the shells, the yield point of the steel ae 
_ considered and in shell No. 5 the ultimate tensile strength was used. - On this “4 a 
_ basis the ultimate loads were calculated. The results are shown in Fig. 11. : 
5 7 In three of the five shells, the calculated ultimate load agreed fairly closely (ag 

with the load under which the reinforcement in the edge member beganto 
ie yield. Shell No. 3 collapsed far in advance of the calculated load. In shell 60 
‘ated the load py to remained far below the calcu 
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~ 
* “4 The obvious conclusion to be drawn for this es of shell is that the —" 
if under which the reinforcement in the edge member begins to yield willbe __ 
“ greater as the reinforcement in the edge beam is located lower. Further- a 
_ ‘more | the load will be greater asa larger f amount of of transverse reinforcement — 
_ is provided in the shell. When very little transverse reinforcement had been — a 
_ used in the roof, collapse occurred before the reinforcement in the edge- _ ele A 


= yielded (shell No. 3). ih the « case > of 1 unfavorable positioning of neal 


_ being accompanied by large deflections. 
_ None of the shells collapsed in the manner assumed in the beam-theory | of ; 
=. It may be concluded that for this type of shell a | rupture-theory ce 
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deflections of the shell-body increase there is a decrease of 


‘curvature of the shell. However, this does not go on gradually. Large 


Nongitudinal cracks appear suddenly and in that way hinges are. fixed 
the distribution (of the transverse bending ‘moments. Ih this re- au 
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. , Although it is still to early to draw definite conclusions from these ese first i 
‘series of tests, definite indications can be deduced which may lead to a re- a 
liable theory of plasticity for this type of shell. 
7 Asa second conclusion, it is evident that the straight- -line distribution of be 
stresses commonly assumed in beams subjected to bending does not apply to | 


does so o regardless of the formation of transverse cracks’ in n the shell. 7 ?- 
a It may be instructive to point to another instance of —s research in — it 


ona consisted of two 131 -ft. spans, and was built in the Netherlands. ao 

Am model on a 1:10 reduced scale was tested at the laboratory of Professor . 
-Torroja (Madrid) and collapsed as a beam does (Fig. 13). In this case, 
"buckling was feared because of the long span. To avoid this phenomenon, — 

_ the crose- -section was fortified stiffening (buckling) ribs. Longitudinal 
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longitudinal distance measured from left 

(18), * radial load per unit area acting on shel 


tangential straii strain in in | she 


= radial strain in n shell 


= Poissons ra ratio. 
=a shifting constant 
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UMMARY 


ind 


truss ‘may redundant ‘supports. Input data for the digital com- 

_ puter may be quickly assembled by noting the flexibility of each member, the Ps 
shape of the truss, and the given values of joint f forces, support settlements, Ls a 
and small initial changes in length of members. - Output 1 will be the values of i 
the internal forces in all members, of all reactions, and if desired, of the de ms: 


flections of all joints of the truss. 


Notation 


the flexibility of all redundant members 


= the « statics matrix expressing external joint forces in terms “ the 

the matrix ex joint forces in terms of 

Apq_ = the statics matrix mpecetng external reactions in terms of rey 

= = the statics matrix expressing external reactions in terms of the aainee 
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ay 
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= the initial-deformation matrix of all essential members 


= the initial-deformation matrix of all redundant: members 


redundant ir internal - -force matrix 


= the essential internal - force 


el the exte 


= the joint- matrix 

Consider the truss in ‘It is ‘statically indeterminate to the 

third degree, with one redundant external reaction and two redundant internal 
‘ - % ‘members. This truss, however, may be made statically determinate by cutting 
= the three members as indicated I by dotted lines in Fig . lb. They are marked a 

as redundant internal forces fxo, a and -Judicious choice of these 
redundant internal members is important, ‘iene the remaining essential mem- 


= must render a ‘stable truss under all conditions of applied joint forces. 4 


These essential internal members are marked fa, faa, -- - a8 shown 


in Fig. 1b. Possible directions of joint forces and displacements are marked © 


A 


from Py-Xj Pi2- X12 and those of reactions and settlements 
through R4-Ag, as shown in 
7 may be proved that the number of possible directions of j int ; forces, is 


"must always b be e equal t to that of essential internal forces, gg. 4. First, the oe 


= of redundant in forces, is eq ual to the degree of indeter- 


apne the number of reactions np R must b be equal to to two times e 


Substituting (1) ) and (i into (3), 
i an ‘examination of { Fig. Ibe, ‘it may | be s seen 1 that the internal 1 forces fai 
through and through balance the external joint forces P, thro 
9 and Ry Ra. In example, there are 
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are 
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of np rows or columns expressing the joint forces in terms ofthe 


il 


init / 


Lp: 


7 4 w 
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forces. Define Ara as. a statics ‘matrix: of np rows and nfq 


the reactions in terms: of the ‘essential | internal f forces. ARK 
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“Now consider ae geometry of the deformed truss. . For the | truss aie in 
Fig. lc, let X, through X12 be the displacements of the joints | in the di direc- <4 
tions of Py through Pj and Ay through | be the movements of supports 

_ the directions of ‘Ry through R4. Let through eqg12 and e€x1 through 


be the oan ie in the lengths of the essential and redundant internal ‘members, 


displ fine 
the ‘ant sp De fine Byp a asa geometry 


rows and ‘np columns: expressing the changes i in ‘the lengths of all redundant — 
internal members in terms of the joint displacements. Define Bar as 


geometry matrix of rows and ‘np columns expressing the changes in the 
_ lengths of all es essential internal members in terms of the support movements. 


Define BxR as a geometry n matrix of ngy rows and DR ‘columns expressing 


may 


Wy 

a "4 Consider, for example, a typical essential internal member fag in Fig. 1b. 


‘The e free-body di; diagram of ‘member er fgg is shown in Fig. 2a. 7" The force fag a 


acting on the ‘upper joint i is s equilibrated by Pj = =fggAig and and P2= fagA29, 


ie shown in in Fig. 2b. In this case, Aig = 40. 6 and Ag9 = +0. 8. 1 In Fig. 2c, the joint: 
displacement in 1 the direction of Pj is resolved into two ‘components, one 


in the direction of fgg and the other perpendicuiar to it. to it. The e component in 
‘the direction 0 of fag is noted as « In this ca case, = 40.6. 


‘ (Py P Pa, am and d fgg in in 1 Fig. 2b a are in in equilibrium, the t¢ total external work done sical ‘ 
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(52) 


2 to 


ee _ changes in the lengths of all essential internal members ‘resulting from a ot ‘af 
ae _ of essential internal forces. Since change in the length of a member is caused od 
only by the internal force in the member itself, the flexibility matrix for 
it ras members in the truss is a diagonal matrix with values on the diagonal equal ( 
L/AE, in which L is the length of the member, A the area, and E 


modulus of elasticity. Similarly, define Dy asa flexibility matrix of Ney rows a 

or columns expressing the changes in n the lengths of all redundant internal aan 
members re resulting from a set of redundant internal forces. 


Define and as two column matrices (of neg and rows, 
‘tively, showing values ¢ of initial changes. in the ler lengths of essential and 


mers 
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internal members from forces are and D,fx, the total 


in the lengths of the essential ‘and redundant members 


Substituting Eqs. (10) and (11) into the left sides | of Bas. and (8), and 
(9) into the ‘Tight sides sides of Eqs. (7) ) and 
at Dafa = = Apa”) X + 


x 


Solvi ving fq from om (5), 


Substituting (17) into as) for fx, 
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Procedure 


‘The in matric analysis’ of statically indeterminate trusses by 


the redundant internal-force method ma be st as follows: 
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of 


Imposition on the truss: 


P, » A 


ments x (if desired) 


=. 


Analyze the statically indeterminate in Fig. 3a due to (1) ap- 
plied loads of 9 kips and 18 kips vertically downward on joints E and F, re- a 
: spectively, (2) initial fabrication errors of member BE being 0.004 in. too = | 
_ long and of member BF being 0.002 in. too short, and (3) settlement of eqs . 
of 0.003 in. downward at supportC. 
aa ‘Solution. The truss as given has one external redundant : reaction and one — 
: internal redundant member; so it is statically indeterminate to the second <a 
‘Steet it is rendered statically determinate by incapacitating in- a 
ternal members EF and BF without removal of a redundant ‘support. Of the 7 
six joints there are eight joint- -force directions and four support - settlement 
directions, making a total of twelve. These’ directions are numbered Py4-X; 
through Pg-Xg a and Ri -Ay through R444, as show | in Fig. 3b. The essential 


internal members are ‘numbered from far to fag. and the redundant 
"members from fx to fx2, as shown in Fig. 3c. 


‘shown in Tables 1 through 10. 


The four output matrices fy, fa» R, and X for each of cases” 


(loading, initial and support settlement) shown in Tables he” 
In this example, matric multiplication and inversion are done by longhand. — 
The intermediate matrices required in the operations are shown in Tables _ 


a It is to be noted that t the four output matrices furnish — information — 
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96 +0. 6h 405 40.96 = -0. 


525 43.000 | #40325 +3000 


= = 103) 


+0. 383904 -0.220128 
0.220128 +0.317352 


lier = 1073)| 
(multip ier ) “A | 


Ri, 0. 750 0.6 
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i 3 
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+1. 09,66 
0.08558 


5.17320 


6.68416 | 
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0.95307 
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+ 3.32975 
0175936 
= 0.3962K 


0.14852 | - 0.79248 
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Initial Deform. 


14,852 
83781 
0.94920 + 0. 
0.09283 | - 0.49530 | 
1.30353 0.38138 


+ 0.18565 | - 0.6 


420. | = 0.89153 | 
‘Be, 1.02624 139 + 0.5936 


-16.9383 ° - 2.04721 
| = 2.46984 
-=16.84925 | = 2.20189 
 #12.67521 | 1.34087 


— 
— 
— 
— 


Verification of the correctness in may seeing that the two 
resolution equations of equilibrium are satisfied at each joint. 
the geometry of deformation may mate that the joint- 


is memes by each 
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_ SHORT FLEXIBLE SUSPENSION BRIDGES FOR HEAVY. TRUCKS | 


age at the Joint ASCE-IABSE Meeting, New York, October 1958. j 
The entire group, including those published in CIVIL ENGINEERING, will aa = 


new method of ‘ueale by “Green’s Matrix” for bridges with a finite hanger 


~~ Large movements of the suspended span and large inclinations of the mid- 
dle hangers” may appear when traffic is on one-half of the span. . Design de-_ 
tails of shoes, expansion joints, hanger CORROEHIORS and saddles that are in- | 
fluenced by such movements, are discussed. ‘Some details of the erection o 
“such bridges a are described. Their performance ur under heavy traffic > and me 


way in which discovered weaknesses were corrected is 
In the construction of many Swedish hydro- -electric power plants granite 
“rock is blasted from the inlet or outlet race tunnels or from the turbine and ae 
generator machine rooms. s. Often, as much as half a million cubic yards of 


blasted rock must be trucked across the river for use in embankments or for __ 
Euclid and similar trucks with a gross weight of upt to 40 short tons 


At recent Swedish -electric power sites the span of ouch 
‘bridges has been around 300 ft. or a little more. oS eee 

_ Note: Discussion open until September 1, 1959. To extend the setae date one ‘month, 
a written request must be filed with the Executive Secretary, ASCE. Paper 2004 ae 
_ part of the copyrighted Journal of the Structural Division, Proceedings of the __ 


Proceedings of the American Society of Civil Engineers 
“a = 
a Temporary flexible suspension bridges often needed during construction 
| 
; 
as 
| 
d 
— 


“anchorages, Cables and Towers 
y  - Friction or rock anchorages hold ee spiral c cables on each side of the 
a or a For permanent bridges of about the same size, reinforced concrete towers 
i to support the cables would be economical (Fig. 2). Hollow concrete ovapen~ 
_ sion bridge towers have been built economically by means of sliding forms. 
_ However, because of the short time allotted for construction and the dis- ta ‘ 
mantling requirement, the towers are —— in structural steel (Fig. 3). 4 
< | their shipping drums the main are towed across the top of 
both towers by a winch. _ The cable ends are cast into ordinary cylindrical ae 4 
7 sockets, and the sockets are f are into t steel 
tors of the anchorages. 


Lal 


‘ 


Subsoil : gravel: sand; etc. 


Gravity y and friction anchor 


gr 


Swift currents and flo prevent the use of falsework in 
Gl _the river. Usually the bridge must be built in a very short time; moreover it 
must be capable of being dismantled and re-erected at some other site. In i 
7 almost all cases, in spite of the rather short spans, the type of bridge used _ v) 
has turned out to be a suspension structure. 
: A q | What follows in this paper is a discussion of those aspects of such a short — 7 
—_— suspension bridge for heavy trucks that differ from common suspension ¥ 
pe 
| 
4 
a: 
7 
4 
_ Between the | 
— 
f 
4 


z blocks. construction, one winch on each ‘= pulls 


3 Design computations for the stru 


according to the deflection theory with the aid of lines. A theory 
¥ recently published by the author(1) accurately includes the effects of finite * 


hanger spacing and variable girder stiffness by anew ¢ device called “Green’s 

_ Matrix.” This method has been programmed for electronic computers: the 
: computer delivers complete influence lines and cable extension and side- ~Span ‘ 
correction coefficients for deflections, slopes, , moments, transverse forces 
; and hanger forces. _ From these e the forces : and movements of all parts ¢ of the 
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hung bis 
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90 ecting wie Cable Danas, OF Upper nanger 
Ss and the rolled stiffening girders 7 
§ _ Such a cradle, hung from special erect! irders(Fig.5). 
more convenient th cables, has been found to 
an an erection car running on top of th 

| cables. Catwalks are not used becau bridge 
| of their high cost. Even on short-span 
ispension bridges constructed in Swed _Even on short-span 
tC. 
hare od 
at 


of 


4 


* + 


i |.4 
\ 
im 
iia 


i 


 ., 
it 


ot Flexibility 


oo me: Technically, the girders of a suspension bridge | can be | given any stiffness F 


(Re. 8) from extreme rigidity to extreme flexibility. Extreme rigidity is ity 44 


Pa 


2 
~ 


to high cost; ; extreme pions Any requires connections that can 


‘© girder, the dead and live load of the deck to the cross beams and the jaaten- 
ders. Thus, the stiffening girders also act as stringers 


+10”. “max. ordinate of moment influence diagram o at xe 


= 


Four 16" rs 


view 


— 
| Re 
— 


truck can much steeper grades than those that occur on 
> bridge; the truck drivers do not even notice the movements of the bridge. — 4 
‘thames in these temporary bridges for heavy trucks, the large ay 
deflections of, say, 30 in. are just ignored. The deflections are in themselves 
harmless and can be be neglected. point i is that shall emerge in- 
tact after the passage of a truck. 
_ The most economical stiffening system (Fig. 9) of such a truck bridge is a i] 
thought to be four, rolled steel, wide flange girders with a depth of about 16 in. 
io ms stiffening girders are | placed on top of 16-in. I floor | girders, spaced at 
a panel length distance of about 20 ft. Lateral are the 


4 deck will not need much maintenance during the life of the 
_ bridge. Across the tops of the four longitudinal girders 6-in. x 7-in. wooden | 


are bolted crosswise. Floor ‘planks and diagonal wear r boards are 


The bridge deck moves horizontally y and also changes its grade. 
translations and | rotations heed considerable attention. For the supports 


= 
a 
4 
7 4 ecause of temperature elongations, a stiffening girder cannot have © x 


a ‘able bond 
per ‘hanger: connection) 


Center line 


at the other (Fig. 10) large changes in inclination of the middle 
when the traffic load covers one-half of the span, especially if the ry 


yy are short. - A large part of the traffic. horizontal force increase in | the cable 


on this force cannot always be applied horizontally upon a slender — y 


F : that has a large portion of its height below the deck. Instead, one end of the at 


‘suspended span can be anchored, for instance, to a side span that will trans- 
mit the horizontal force of the suspended span to some fixed shoe. ~~ aa i. 
A serious difficulty is that an axial compression (Fig. 10a) in the stiffening 


er. girder, due to. a fixed shoe or due to : a limitation of the movement of the gir- nn 


i, der, will cause a moment increase in it. This moment increase may be half — - 
23 as large as the | decrease in moment due to the deflection of the cable under — wa 
a live load. Thus, the substantial reduction in moments that is won by the de- ; : 

flection theory may be only half utilized. The moments in the a, <a 

_ der mayeasilybe doubled. 


‘Therefore, when a limitation in the of the 


girder is deemed necessary, it preferably should be realized in such a man- 

_ ner that tensile forces are induced in the stiffening girder (Fig. 11). ae aot 
Another method of taking g care of the expansion of the stiffening girders’ 
(Fig. 12) is to provide the suspended span with expansion shoes at both towers. 4 


i of the high proportion of live load to dead load, the live load h horizo 


: tal force on one-half of the span 1 will cause a considerable longitudinal move 
4 _ment. oe movement of, say, one-half foot in each direction may take place. aS 


I6"I cross beams“ “Four 16" WF longitudinal 
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AH taken by tower “taken by abutment 


adh: 
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decrease of bending 


n girder 
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isplacement by one- -sided load 


on An intermediate solution | is to limit the movement of the roadway in both | 


- directions by “stops” at both towers or at one. This reduces the largest — ae 

_ hanger inclination but may cause “hammer” | when the moving suspended span 
strikes the stop. To damp the effect of such a blow, wooden or other buffers 
may be installed at all colliding ends of the bridge deck. Another solution = 
might be to insert heavy railroad car or pneumatic buffers at these ends. “a 
However, stops or other limitations of movement of the suspended span ae 
be so arranged as to induce mainly tension inthe girders. = j= 


> This design problem was explicitly treated by an approximate relation be- a 


tween the horizontal movement of the stiffening girder and its longitudinal — 
force (see the Appendix). _ The diagram in Fig. 13 summarizes how the side __ 
‘movement U, increases with increased truck load p and with decreased es 
transmitted to the deck from the middle hangers. From this diagram ade- | 
sananicah suitable choice of the free movement « of the deck cam be aa 

In the design the tower saddles (Fig. 14) the in grade o ofthe 
nearest cable panel must be determined. An influence diagram may be —— 
from tables or computer output for this change in slope. _ The live load is ap 
one in positions for the largest positive and negative changes in slope. Ina 


300-ft. span with a 35-ton live load these angles may amount to about n 


A=8 80 mr (milliradians) or 5 degrees. The saddles (Fig. 15) must be de- ae 
signed to allow for the downward and upward movement of the spiral ‘cables a 
by at least these amounts. The saddle anchor bolts that are provided to pre- “4 
vent the | cables from slipping during erection must be set | back by a little ire ; 
‘more than AR from the dead load cable contact point of the saddle. ‘The ‘curved | 
saddle plate must also project by a little more than AR outside of that pot, 
In one ¢ of the bridges | built, faulty fabrication of the tower saddle permitted — 
one main cable to press against the sharp edge of the saddle plate during the 
passage of traffic. This was not discovered until after several months a. 
traffic, when one or two wires in | one of the spiral main cables broke. . 


the span by a truck, and a strip of curved plate was added by welding. _ After 
‘this repair the ae and unrolled by small 


saddle plate was made free from the cable by loading the far q quarter point “se. te 


= 

= 
Be 
| 
4 
sion 
ops 
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— 


what ‘more. 


— 


between one- -sided load horizontal force A 


and side ‘movement u Of 


ae saddle plate | and did not bend over an edge. ” lille the cables were a 


little stronger than they needed to be. The ends of the broken wires were 
to the cables 
Upper Hanger er Connections : 
a connections about the cable (Fig. 16). Since the main cable rotates ae ! 
oe its axis, these movements can be entirely disregarded. = Ei 
Asa result of the traffic load the hangers, especially the short hangers © 
near the mid-span of the bridge, will swing longitudinally. . This movement 


has been provided for by the simple bolt shown in Fig. 16. Ith has functioned © 
satisfactorily, except possibly in the short mid-span hangers. Here a abe 


- diameter bolt should be provided than that which is required by the allowabl 
‘eg — value, and a cast iron bushing will reduce seizing andfriction. 
In bridges with 1 fairly long hanger panels in relation to the span length (that 
_ a small number of hangers) another design factor should be noted (Fig. 17). 
4 For traffic load at a hanger or on the opposite half of the span, the directions 


the cables on each of the upper connection and the direction of 


— 
7 q 
g 
— = 
3 
| 
— 
| . eae tions, the orientation of the cable band also will change. Just as upon the ~ 
ot al a cea saddle, the cable on each side of the cable band will wind or unwind upon the 
band. The amount of movement is determined from an easy influence 


reely 
boil 
ngers 
ement 
ictioned 
a larger 
illowable 


angth (that 


i (Fig. 17). 


lirections 
‘ection of 
1 condi-— 
mthe 


gle-change at tower | 


line calculation. e the cable, the edges of the cable band — | 


should not be technically difficult nor expensive to shape the cable bandto the _ 


required radius to make sure that movements between the connecting cables _ Ff 


_ All except the shortest hangers, numbers 1, 2 and 3, counted from the m 

span point, can be satisfactorily connected at their lower ends by the simple — 
detail of Fig. 18. There is a point contact pressure between the loops. The 
diameters of the U-bolts could be chosen so large that this pressure, evalu- 
ated by Herz’s formulas, is low enough to preclude yielding. Further, the ; a 
inner radii of the loops should be large enough to enable angular movements 


to take place by rolling, but the point of contact must not roll so far “uphill” 


from the hori dead load position that it will slide and cause wear. A 


Truck load angle change v at left tower 
were 
| 
_ In spite of an ample number of gripping U-bolts used, the cable bandS = =<. 
nearest to the towers have shown a tendency to slip. In an effort to prevent | 
this in the future, it is proposed to solder a few turns of galvanized wire to as . -— 
the galvanized cable to introduce a better friction between the U-bolts andthe * i 
upon the. 
fluence 
| 


Saddle. design for 


. a In the first bridges built, the detail shown in Fig. 18 was used for all eo 
== _ After a half year of heavy traitie the inside of the loops of the mid- 


span | hangers was considerably worn. These lower hanger connections were q 4 : 


then changed to something like the upper hanger connections with a large bolt. 
_ _However, after the same amount of traffic, the continuous angular Sara 
qt dq had worn the plates deeply into the bolt. “Then a cast- -iron bushing \ was in- 9 
‘stalled around the steel bolt (Fig. 19). no wear been 
iff Girder Splices 


“Another structural detail has made some splices of the 
tudinal stiffening girders. These splices were designed for the largest mo- ; 


* - ment that could fall on each splice. In one bridge the owner ordered ordinary j 


- bolted joints to permit easy dismantling and re-erection. The bolts loosened 
in traffic and had to be continually inspected. This was costly. ¥ The loosening 


yuld perhaps be explained by the fact that at each passage of a loaded truck, 4 
the splice was bent both by a maximum moment in one direction and by an al- 


“most equally large ‘moment i in the direction. . On the succeeding 
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Longitudinal: 


changes of hangore 


of 


was not fully satisfactory. - After much traffic, play had developed in several 
joints. cause of this may have been poor Trivets, , driven in difficult 

tions with rivet guns instead of pneumatic riveters, or poorly assembled and 
age It is true that no joint or detail thereof has failed; but even if they had, no a 
catastrophe could occur. _ A loaded truck would in any case be held = the four q 4 
cable structure could not collapse. 
However, some riveted joints were by bolts a: asa 
‘trial . The wooden deck was torn off at some splices; the old splice plates 
and girders were cleaned and 7/8-in. high-tensile bolts were installed with 7 
dinary torque wrenches. _ These joints have performed perfectly under traffic; no — 
sened § trace of play has ever been observed. In view of all their other advantages, Re q 
ysening § splices with high- -tensile bolts probably cost less than riveted joints. ce 5 aes «ie 
an al- 
g bridge 
ices 
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Upper connection 
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: this paper, no tendency to > aerodynamic flutter has ever been observed. sti 


3 Great care should taken by appropriate methods to calculate all 
g forces and all movements in the bridge that affect the design. Great con- ae 


ss &- The effects of a restricted, limited, or free longitudina 


— |; 14 
— 
1. It is possible to design & Very nem 
‘that it can withstand the moments caused by in such a way 
4 
a 
| e bridge deck s 
Biproviding for all be considered, and a deliberate 
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Hertz pressure 


Lower en end contact points 


‘hanger 
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ts 


‘U- bolt 


6. spite of bolt design, | there is a the 
- connections nearest to the towers to slip upon the cables that do not spring ae - 
back along the diameter. Some means to increase friction should be tried. E 


he 6. Because of large angular movements there is a tendency for wear in 


the lower hanger connections near the center of the span. When bolts es ie 
used, friction should be reduced by cast iron. or - other bushings. ai: 
i 1. The stiffening girders can be suitably spliced with high- -tensile bolts. 
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The parabola in the left half- ~span may formed by a uniform load q 


and its horizontal force 0 of | H = The bight may also be written 


= ' 4 


7 


— 
--—Henger 
| 
— nod 
— = 
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ENSION BRIDGES : 


_ nder dead load g the cable curve will be: ae equal | (symmetric) para y 

with the f/4 and the spans A of at the 
quarter -point | of the span, could a approximately be resinced (Fig. 13) by 


uniform load p covering th left of so that 


= is slightly larger than P. 


of this load, the stiffening girder will in the left 


" mae stiffening girder would follow this movement u with almost vertical * 
ee The movement would stop when the horizontal forces in the left 7. 
and right hi half- -spans become equalized: = (g+p)L2/8f; = = 


ay 
a 
ii 
= 


a AH is by the inclined mid- -span hangers to the stiffening girder 
g and further to a fixed shoe of the suspended span or to some other limitation _ 
The bight increases by which is th the same as 

the distance ce Ab, = = that mid- -span ‘point of the cable moves to the left 


a definite between the horizontal displacements c of 


= mid-points of the cable and the suspended spans Up, the horizontal force m3 a : 


transmitted from the cable to the girder can be estimated me 3 teas | 


where is the dead load on. one hanger and is the length of the hanger; 


~ 


nm = 
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. S. O. Asplund, “Column- Beams and Suspension Bridges Analyzed by ys 
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April, 1959 


THE PLASTIC METHOD OF DESIGNING STEEL ‘STRUCTURES © 


John Fleetwood F Baker, 1A A. M. ASCE; M. IABSE 


In ‘England the abortive attempt of the Steel Structures Research Committee | 
- 1936 to produce an acceptable rational elastic method of design led logical-— 
- to the consideration of the behavior of structures in the plastic range. The 
_ development of the plastic method of design is described in this paper and de- % 
-_ scriptions are given of some of the many buildings and other plastically wes 


= 


-. _ The basis of the simple plastic theory and the ented of designing steel 
_ structures derived from it have been so widely described(1) in recent years | 
that there should be no need to deal with the elements here. The evidence o 


that the design method has been accepted by forward looking engineers ai 


like during the Second World War, but i in n many hundreds of buildings success- a 
fully erected since. . The advantages are now being appreciated 
ca judging by th the accounts of two one in Canada? 2) and the 4 


nth, 
‘- ra written request must be filed with the "Executive Secretary, ASCE. Paper 2005 mer 
part of the copyrighted Journal of the Structural Division, Proceedings of the 
1 Society of Civil Engineers, Vol. No. ST 4, 1959. 
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a Proceedings of the American Society of Civil Engineers ; ae 
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The entire group, including those published in CIVIL ENGINEERING, will be 
a 
le as 
ft 
(4) 
— = 
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(5) 


‘ether ia the United States, (3) have so far been published, and mol 
manual soon to be produced by the American Institute of Steel Construction. (4) bd stat 
7 . it may, however, be worthwhile, for the sake of those engineers who do not = 
vet fully appreciate the method, to go back and consider its early beginnings. — 
_ The plastic method should not be approached as one would a new method of 
elastic analysis which might or might not be of value in some particular case. 
a The plastic method of design owes its conception in England to the funda- ee 

mental shortcomings of elastic design. . It is only when these shortcomings _ 


| 


_ &£ Elastic stress analysis as distinct from design is now a most powerful aaa 
_ Thanks to the brilliant contributions of Hardy Cross there are in 
isting structure, the stress in it can be calculated. Unfortunately for the de- : b2 sh 
everything is not known about the structure when it has got no 
_ redundant and their elastic behavior is so complex that elastic theory cannot § fo 
i lead to anything like a satisfactory direct design method. This was the bitter 
"experience of the Steel Structures Research Committee in England which for 
eight years from 1928 to 1936 carried out a comprehensive investigation in — 7 
the hope of developing a more satisfactory method of designing multi- -storey Z ¢ 
7 _ steel frames than the orthodox method based on the conception of pin joints 
which is still in general use throughout the world. The investigation is fully “a 
described in the Committee’s Reports published by H. M. Stationery rena ? 
_ London, in 1931, 1934 and 1936. It has been summarized more recently. (5) Ri 
1 The Committee started by finding out how multi-storey steel frames ae... 
"behave under their working 1 loads. They did this by measuring the strains in 
— 7 - wide variety of actual structures including the framework of the Cumberland 


This investigation showed that the real stress" distribution in a multi- ~storey 


design. Even the lightest bolted beam to stanchion connections made the 
frame behave virtually as one with rigid joints. . While, as far as the beams — ~ 

7 were concerned, the usual design ‘assumption of pin ends was thus safe, ‘though 

highly extravagant, it was quite untenable for stanchion design. The bending i 
20 times greater than those usually assumed. _ They could not therefore be ie 4 
q 5 nored. This meant that the real continuity of the stanchion had to be taken wa 
into account so that, as far as elastic « conditions were concerned, the most + iy 
- rigorous loading conditions for a stanchion length v would not be the : axial load — aa te 
under a symmetrical condition of all floors loaded, but either that caus- 


4 stanchion length at its upper | and lower ends were unloaded (Fig. 13) or “cmge. i 
curvature” bending when the floors on adjacent sides were unloaded (Fig. 12). ie ee 
The Steel Structures Research Committee produced a practicable though 
_ rational method of design (The Steel Skeleton, Vol. I, pages 132 and 180)(5) 7 

== on the real behavior of the structures tested. The beams were designed > i 
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moments transmitted the semi- -rigid joints from the The 
stanchions were designed by tabulating the values of worst end moments on 
“a stanchion length, i.e., those due to the most rigorous arrangement of sa 
~ load, and providing two sets of “strut” curves, one for “double” and the other — 
i for “single” curvature bending which enabled the designer to check that ~ gga 4 
c stanchion section chosen was adequate to ‘support its axial load and end a 
i: - moments. _ The Committee was only able to produce its method in as compact 
oS a form as it did by making numberless simplifying assumptions. Eachone _ 
had to be safe and therefore meant a sacrifice of economy. as Dab wg) a 


i _ Unfortunately, the members of the British structural steel industry, which 

ie had financed the investigation, did not welcome the design method. They con-— 
sidered it too complicated | to use. More serious, , the investigation dre drew at- = 
tention to the fact that the orthodox method of elastic design takes no cogni- — 

-zance of the possibility of relative sinking of supports, of residual or locked- — a 

up stresses or, in fact, of several other inconvenient factors including the 

‘The position was therefore, in 1936, that the Committee’s experiments had pe 7 

os "shown the orthodox method, based on the assumption of pinned joints, , which Po 4 

is ‘still usual in America as it is in Britain, to be so irrational as to be fo 
useless for the basis of an improved design method. Moreover, the industry — 

i: found that the | Committee’ s method, which could not be simplified further Bis) 

without losing its rational basis, was too complicated to. be used. It 

aa as though the steel frame structure which had developed little enough in the a 

years of its existence could go no further. ‘This was an intolerable con- 


wow 


rd as san 
rE attractive though, with its promise of more rigid joints, embarrassing method ~ 4 
fabrication. Attention was therefore turned to the behavior of a ductile 
_ structure when it was carried out of the elastic into. the plastic range in the . 
hope that conditions at collapse would be simple enough to make a ere 


rational method of design possible. 


,! of steel structures in Britain has been described fully in The Steel Skeleton, 
Vol. , (1) ) though the valuable work in this field carried out at Brown — 
and in the Fritz Engineering Laboratory, Lehigh University, will 
probably be more familiar to American readers. | 
‘The work which began in England in 1936 had so far progressed by 1939 : 
great \ use was made of it in developing efficient air raid shelters (The ion . 
Steel Skeleton, Vol. II, page 369). This was possible because the amount of 
 enersy which | can be absorbed bya continuous ductile structure subjected to 
plastic bending is very. large. The simple plastic theory 1 it possible to 
neering Laboratory, Cambridge University. Theory has been supported 
Beppe by experiments on structures from the miniature to the full scale, bj 
the aim being to produce a method of designing steel structures acceptable to 
Se the designer in industry. An attempt has therefore been made to consider all - 
_ the problems, even though the more complicated ones can only be dealt with — — 


_ approximately, and and to a on an unbroken front so leaving no unexplored 
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-*. It would be a waste of space to attempt to summarize ina) short } paper te 
2 work of 22 years which is already fully described elsewhere. The object of 
4S _ plastic design is to proportion a structure so that it will not collapse until it 
¥ a it subjected to the working load multiplied by a load factor which i in Britain 
: " is usually assumed to have the value of 1.75 for dead plus superimposed loa 
ing. The advantage of this is that, unlike conditions in the elastic range, be- 
havior at collapse following the development of a mechanism owing to the eet 
mation of plastic hinges can be foretold with great accuracy and simplicity 
a thanks to the many elegant methods derived by British and American investi- ‘ 
gators. (The Steel Skeleton, Vol. Il, Chapter 8. ) Direct and economical de- eh 
sign of many forms of structure is therefore easy. _ The occupier of a building | 
; a ‘is, of course, more interested in its behavior under working loads than at col- 
lapse. It has been found, however, in the structures so far built that deflexions 
and other conditions under working loads are satisfactory (see section 7(d) and 
oi ‘The Steel Skeleton, Vol. Il, page 353), but when plastic design is applied to a 
new form of structure it is necessary to check the conditions of the . structure 
As the method of design is based on collapse, every form has to be visual- 
ized. It is no consolation to the designer to have a satisfactory load factor 
xii plastic collapse if the structure has already failed by elastic instabili- 
ty. Considerable attention has therefore been given to the problems of elastic 
and plastic instability both of members (The Steel Skeleton, Vol. Il, Chapter 
= 12) and lately of the structure as a whole. Many other factors have had to be 
considered such as the effect of shear (Chapter 11), of repeated loading and 
_ shakedown (Chapter 9) and, of course, , of compression members (Chapters 13, 


_ While the simple method of design is based on the assumption that the a 
terial of the structure is rigid plastic, i.e., , no deformation takes place until 
; . _ the yield stress is reached when indefinite strain follows, actually structural | 


structure to behave closely | as indicated by the simple plastic ‘theory, comes ot 


a 3 steel has the property of strain hardening. This property, while allowing 


a into play when deformations become excessively large and very often prevents 

The early p promise e of a to design has been borne ou out where 
-single- storey, portal type structures are concerned; the much more complex 

- problem of the design of multi-storey structures involving continuous eit 


7 ‘sta stanchions is still proving somewhat intractable. The design of single-storey 


portal buildings, the first of which was completed in 1952, is now routine. (6) 
_ Many firms in Britain are producing them commercially and hundreds are — 
_ now in existence. Some of them | are of considerable size. One which has been § 
designed by the Cambridge team and is ‘now under construction is 600 ft. long, 
60 ft. high, has bays of 72-ft. span and carries two 50-ton cranes in each bay. 
_ Economies: in weight of steel and in cost of frame of the order of ~* pecan 
_ pared with equivalent elastic designs are usual. (The Steel Skeleton, Vol. II, — 
4s page 378.) So common is the portal structure that no further consideration — ee 
will be given to it here apart from a note on foundations, ‘section 4. Two a 
usual designs will, however, be mentionedinsection5. = | 
The plastic method can, of course, be applied to many other forms of ey 
te structure including the heavy grillage. _ The first floor of the Southampton = 


‘Docks Transit Shed(7) wa was ‘designed in 1954 a resultant 
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STEEL STRUCTURES JRES 

in 1956, , the | “platform” for sup supporting London’s new Central 
Air Terminal over two running tracks and seven railway sidings was, with 
its 80 columns, . designed plastically to a load factor of 1.75. (8) The ‘ ‘platform’? 
of 58,500 sq. ft. in extent was designed for standard highway loading or al- eal 
for any arrangement of buildings to three acrmal 


Fo 
In all early full scale on portals the feet of 
‘stanchions were fixed to a heavy compound s\ steel girder so that a plastic hinge 
would without doubt be developed where necessary in a stanchion. Since the 
collapse load of a portal is not influenced by relative deflexions or small ro- 
_ tations at the supports it was realized, when actual buildings: came to be i 
structed, that much lighter foundations would suffice than those usual for ¥ de 
designed frames with “completely fixed” feet. 
oe _ To check the design of a suitable foundation two north light frames were — 
“built on short piles or piers and tested to collapse, one, No. 6, ‘under vertical _ 
load only and the other, No. 7, under combined vertical and horizontal load. (9) oe 
A site investigation indicated that for a depth of 1 ft. there was humus top a. 
- soil, ‘containing pebbles mostly about 1/2 in. . diameter, while for the next 5 ft. EB 

—_— frame No. 6 was erected a power auger, 16-1/2 in. diameter, was eer, 
holes, 18-in. side, were dug to a depth of 3 ft. Each pier had reinforcing bars 
running through its length which were threaded at their upper ends. —One- -inch- 

| thick base plates for the stanchions were drilled with clearance holes to pees 7%, 

: over the protruding bars. Nuts on the bars were used to level all the base 
plates } and finally a a sand- ~coment grout was run in between the base plate aad ash u 
the t upper surface of the pier. The frame was then erected on the base plates. oo 

It was calculated that the piers had a load factor on the frame collapse load = 7 

The pier foundations behaved admirably and provided the degree of fixity 

_ necessary at the stanchion feet. The actual collapse load of frame No. 6 was a 

10.64 tons compared ' with the calculated value of 10.63 tons; had the feet been 


‘ee with this, holes 3 ft. deep were drilled. _ For frame No. 7 omar 4 


pinned the collapse load would have been 9.51 tons. The behavior of frame - et 
| No. 7, which is shown at collapse in Fig. 1, was just as satisfactory. It is aL 
‘compared in Table 1 with that of an earlier frame, No. 5, which was identical . 
; except that its stanchion feet had been rigidly fixed to the ‘compound steel A = 
; girder already mentioned. The load tabulated is the vertical load W applied we | 
_ the frame; the horizontal | load H was maintained equal to one-halfofW. > 
liad Short pier foundations of the e type | described here were used successfully 


for the of the British Association 


ae. 

©- § ings in each row vary from 17 ft. 7 in. to 59 ft. 8 in. to suit the alignments ; Se 
or- _ the tracks spanned. Each row supports a continuous main girder up to 239 ft. a fees 
of depth 42 in. and flange width 18 in., and thicknesses from 1/2in.to 
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Research Laboratory, Keen and Nettlefold, ‘Wolverhampton 


| _ section in Fig. 2. The main frame spans 5 40, ft., i 
has 2 a pitched roof incorporating a flat-topped monitor i ft. in width and ex-_ 
tending the full of the one side of this main frame 


designed elastically, (iii) portal frames designed plastically, 
a Designs (i) and (ii) were prepared by a steelwork contractor and design | a 


(iii) was made by y the Cambridge team. The same steelwork contractor uel 


eg _ Preliminary examination of the scheme showed that local site conditions 
‘were so bad that piling was inevitable. It was also a condition that the profile 
of the cross-section had to be maintained exactly but the spacing of the main 
frames could be varied between wide limits. These two factors together were 
FS a of significance because it soon became clear that the cost of the piling was _ ‘ 
eA closely linked with the design of the superstructure. The optimum spacing | 
by for the elastic designs proved to be 16-ft. centers but the plastic design had 7 
i the portal frames at 27-ft. centers. The plastic vue ty was conntes out to the 
“fully rigid of Briti 
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PINNED. 
vied G.K.N. RESEARCH LABORATORY. | TYPICAL SECTION. 
load factor of not less than 2.0 for dead plus live load only and 1.6 for yr dead re 
plus live load plus wind load. Both fixed and pinned based frames were con- year in 
sidered, since the tests described in section 4 had not then been carried out i. 4 
but the ¢ slight ‘economy « of the former was more than offset by the increase oo 
the cost of the foundations. Consequently, the main and lean-to portions were a 
| designed as a fully rigid continuous frame 1e having three pinned bases. —_— 7 
| best choice of material for the frames proved to be a 13 in. x 5 in. x 35 lb. ee 
rolled steel joist for the whole of the main frame, and a 6 in. x 3 in. x 12 lb. er 
rolled steel joist for the lean- lean-to. ae following three sets of — con- 
ditions were applied: al 


2 Dead plus live plus wind from right to left | 


(3) Dead plus live plus wind from left to right , 
They produced three separate collapse mechanisms which are iii 


Fig. 3, (a), (b) and (c) with load factors 2. 25, 2.00 and 2.03, ‘respectively. 
"The plastic design proved to be the most economical solution. ey ee 


construction 
Elastic portal 


multi-bay pitched roof portals, if. it can be arranged so there is “no ap- 


preciable spread at eaves level, great economies can be achieved since, ——s 


uniform vertical load, failure is confined to the rafters which behave as 
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encastré beams. Since the site conditions were it was possible to 


: adopt this system for two warehouses designed for W. C. _ Jones Ltd., the AE 
largest of which was 600 ft. x 200 ft. in plan, being constructed of twelve 50- i = 
y ft. span portal frames at 25- ft. centers. The end stanchions were incorporat- a 
ed in braced frames | capable of taking the thrust from the rafters with a hori- 

. zontal deflexion of less than 0.25 in. (Fig. 4). The longitudinal rigidly jointed — 

portals with a total length of 600 ft. were by valley beams and con- 
tinuous purlins, the stanchions and valley beams being rigidly jointed to one- - mH 

_ another to form transverse portals. The loading assumed was 18.7 lb. per — 

sq. ft. dead plus superimposed load with 11 lb. per sq. ft. wind load; the load 
factors for the rafter member chosen, an 8 in. x 4 in. x 13 1b. R.S. J., were n . 
2.5 and 2.2, respectively, , for these symmetrical load systems. It was re- 

x alized that a more , condition of loading should be considered, asde- 

scribed by Heyman;(9) that arising in the unlikely event of one span being un- a i 

loaded while those on either side carried the full superimposed load. For 
this the load factor was 1.76 and so in this respect the design was considered 

= _ Stanchions consisting of 6 in. x 5 in. x 25 lb. joists had been a 4 

- chosen from considerations of stability;(9) their feet were profile welded to _ 

: base plates 12 in. square and 1 in. thick with six 7/8 in. diameter holding= 


section about either axis could be developed. Considerations of 
lateral stability fixed the size of the valley beams at 6 in. x 5 in. x 25 hy ote 
Fas a The erection procedure was novel. Rafter assemblies, consisting of pairs 
. of rafters jointed at the apex, were clamped to temporary braced trussesas 


ow in Fig. 4, to prevent | deflexion during erection. These assemblies were 


_ Where necessary, jigs were ‘pre- -set. The whole of the steelwork 


was s fabricated and erected in 16 weeks. 


T 4 
4 
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The weight of steel used in the two buildings was 512 tons. This was esti ud 

‘mated to be 20% less than would have been needed for a similar structure de- 

_ signed conventionally. . The price per ton was substantially th the same as the pa 

rate for conventional steelwork and so the percentage saving in steel repre- | 

6. Th e Behaviour and Design of 


_ wherever a plastic hinge is formed within the e length a the member but the © 
Z reduction is only slight if the plastic hinges are confined to the ends. - How- 
ever, in a multi-storey multi-bay frame collapsing ina mode where the 


a 3 BB scien hinges it in n the > compression members occur only at the | ends, the defor- 


P ty the conditions of equilibrium for the structure and so the rigid plastic col- e 
lapse load factor, obtained ignoring deflexions, will be in excess of the actual | 
value. Two | problems 2 arise, therefore, one relating to the reduction of carry- 

: “ing capacity due to deformations within the lengths of members, the other to i 

y the reduction due to the deformation of the whole structure. ~ Both problems _ 

are of the instability type, but differ from problems of elastic instability in Asek 

i a that the critical load is intimately bound up with the magnitude of the de- sy 

flexions and the accompanying degree of plasticity. It is convenient to refer 

P to these types of problem as “member instability” and “frame instability”. pte 
- Comparatively little investigation has been made of the effect of the second 
though care has been taken, in designing single storey portal buildings, to see 

that its effect is negligible. There was considerable discussion at the pion 138, 

Cambridge Symposium 1956(9) of the effect on multi- -storey frames. Arising» 
i from this discussion some experimental work has been carried out at an 
Cambridge. ‘Clearly, in multi-storey buildings in which sway is not prevent- 
ed, frame instability can become serious. In many cases, however, this form 

au _ of deformation can be prevented either by sway bracing or by cladding, as > 

when sway forces ina building are transmitted to the end walls by the floors — 
acting as horizontal girders. Wherever this transmission is possible, as it a4 
is in buildings of the heights usual in Britain, it is most uneconomic not to S 

. ake use of it and so attention has been concentrated in Cambridge on the — 

problem of stanchion design in frames where sway is negligible 


n rd A ‘member carrying an axial thrust will tend to have a load ‘deflexion | curve 
Ww 


ith a distinct peak, that is to say after reaching a maximum tl the axial load — 
which can be supported will fall off. a a member forms pa part. of acon- 
tinuous structure the peak load depends in a complex way on the interaction sah 
e between the stanchion and the surrounding members. . The essential simplicity 
‘S of the plastic method of design is lost unless such behaviour is avoided in the ; 
llapse. This may be achieved intwo 
tanchion end moments, that is to say 
e ‘moments apeiied by the other members framing into the ends of the 


| 


— 


| 
is 
sti 
ha 
4 le 
lay 
— in 
, & 4 7 
st 
‘op 
| 
7 
oh 
f 


ie 
sree 


_can be brought about by for plastic to form the beams 
connected to the stanchion rather than in the stanchion itself. second way 
is to arrange for a plastic hinge to be formed at one or both ends of the Mists 
‘stanchion length without the stanchion itself becoming unstable. Ifthis _ oat 

happens at collapse then | virtually i indefinite rotation of the e end of the stanchion — 
length is possible under constant axial load and bending | ‘moment and the col- ae 

lapse load of the structure may be calculated from rigid plastic theory. _ ya 

‘<at To. show that these are the only two cases it is practicable to consider at 
‘the moment, all possible modes of stanchion behaviour in a structure at Feol- 

+ lapse will be reviewed following the method of Chapter 15 The Steel Skeleton — 
- Vol. II and of a recent paper by Horne.\ (11) For this a diagrammatic method _ 
of representing the various types of loading is helpful. In the cases described - 
in the previous paragraph the bending moments applied to the ends of the © 
_ stanchion length remain constant during the collapse of the structure and the — 


atin may be represented by a cantilever as in Fig. 5. This type of loading 
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FIG.5 "CLASSIFICATION OF ‘STANCHION 
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will be “plastic” since end moments are controlled 
Plastic hinges either in the surrounding beams or in the stanchion itself. __ 
= When the stanchion is rigidly connected to beams which remain elastic the 
1 axial load carrying capacity of the stanchion will be greatly increased, since © 
the beams can provide restraint to the ends of the stanchion. Since the elastic 
beams which provide this directional restraint may themselves carry trans- — 
_ verse loads, this ' type of stanchion loading may be represented diagrammatic 
ally as in Fig. 5. It will be termed “elastic”, j= 
q ° a - Between these two extremes there lie a whole range of differing conditions, 
In general these will be more difficult of solution than the extremes and for 
~ this reason are unlikely to lead to practical design methods. There is, how- | 
sever, one particular condition of ‘great importance, namely t that in in which he 
- “interaction moment between beams and stanchion is zero and remains zero 
as the structure collapses. The structure then behaves as if the joint between 
Li _ these members were ‘non- rigid since the members can only deform if they 
are independently in a state of collapse e. Hence this condition can be >repre- _ 
sented diagrammatically by a pin-joint, Fig. 5, and will be referred to ane 
_ One of these three conditions, “ plastic”, “elastic” or “simply st supported”, 
‘may be taken as a first approximation to the type of interaction actually oc- mn 
curring between one end of a | stanchion and a beam when either or both are on 


_ approximate, it has the advantage of possessing simply  cateamead interpre- 


‘ 


) The of Stanchion Behaviour 


_ The loading conditions in a stanchion length when a ai 
"point of collapse can now be classified. The stanchion tee will be assumed, 


in general, to be connected at its ends to beams which can apply bending P| 7 7 
‘moments: about its major axis XX and about its minor axis YY. When a eed 


stanchion is ‘subjected about its axis XX to > plastic loading, this will be denoted 
by the letters “Px”, the beams responsible for this loading being termed the 
_ “major axis beams”. if for this same stanchion, the minor axis beams were ~ 
_ simply supported, the total loading condition would be described as aE sins de x, Oy”. 
_ The letter “E” will be used for elastic loading, 


ry 


The three possible loading conditions ak about both the major and minor axes" 
i ae of a stanchion length give a total of nine possible ‘combinations for con consider- 4 
ation. These are shown diagrammatically in Fig. 5. Considering both 

* “of a particular stanchion length, it is evident that each of the nine possible a 
cases could be associated with nine at the other. be The > complete e exploration of 
. iy the stanchion problem in these terms is a practical impossibility. Fortunate- 
- ae ly, the aim of the > engineer is not to discover all possible conditions but to i 
deal with worst | cases and to establish solutions which will lead to | manageable. 
design methods. The designer has a large measure of control over the bend- — 
x ing moments to which a stanchion is to be ‘subjected. He can usually ensure a 
a that the classification of loading conditions according to Fig. 5, is the same at 
either end, this reduces the types to be considered tc nine and seems an es- 2a 


sential limitation if design methods are to be established. 
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RATIO OF END MOMENTS 
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CACEPt al enginee ave so Concentrated their attention on it th 


design has been stultified since the. of Euler and so when con- 
= continuous stanchions recourse is made to such subterfuges as the e 


length” method of British Standard No. 449. 


a) Stanchion Simply Supported About XX with Plastic Loading About YY 


‘This case is equivalent to that of a member loaded eccentrically in the ete, 
plane containing the major axis XX. It has been discussed by a number “an 
_ writers and considerable attention has been given to it in Cambridge. 4 Tests — 
- carried out there have justified the assumption that even in plastic zones, may 4 

cross sections of the member which are plane before bending remain so after .> 
bending. | On this basis an accurate solution for the strut of rectangular  Cross~— : 
"sections has been obtained, general enough to include an allowance for a drop © 
_ in stress at yieid and an examination of the effect of the unloading of material 7 
aS: The equations obtained (The Steel Skeleton Vol. II p. 281) for the onion @ of 
rectangular members under thrust have been used to calculate the collapse ot 
loads of struts subjected to known terminal moments so that a size of member 
can be selected which will not fail prematurely before a plastic collapse pane tae” - 
mechanism has formed in the rest of the structure. They also enable limiting id 
conditions to be determined such that a plastic hinge can safely form within a 
the member, but at one end of it, without that member itself becoming un-— 
: stable. “Thus it has Bese possible to plot the curves of Fig. 6. Provided the , 
_ length ofa member, “subjected to end moments in a known ratio B and to a 
' known axial stress nfy, (where fy, is the lower yield stress of the es 
does not exceed the value given on the horizontal scale in this figure then a 
member may be allowed to participate in a collapse mechanism with a whe 
i hinge at one end or, when B =-l, at both ends. This figure gives results for 
members of rectangular section but it is ‘section 
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AXIAL LOADS IN 
mi STANCHIONS OF RECTANGULAR 
Mp CROSS-SECTION WITH 
PLASTIC HINGE ATONE OR 
BOTH ENDS, BENDING ABOUT 
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TIO OF END MOMENTS 


= FULL PLASTIC Mowe, 
YIELD STRESS. 
+ 
A= = CROSS-SECTIONAL AREA. 
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il) gw 
- members b bent about the ‘minor, YY, axis The case of I- " 
bent about XX (Case Px, Oy) is dealt with later. 


; Ae a t a) Stanchion Simply y Supported | | About XX with Elastic Loading About YY 


this loading, the ‘maximum economy can be obtained in the de- - 
Bis, Sign of the stanchion but at the expense of the beams ‘watch are relied upon to 


section n members’ 


earliest examined, a long s series of experimental a as pouriclaoneaten in- Ain 

vestigations being made more than twenty years ago, (The Steel Skeleton pie 

" Vol. I p. 249). Tests were carried out on mild steel stanchions rigidly con- 


nected to high tensile steel beams. ‘The beams were simply supported at their 


outer ends and the frame was set up in a special test rig in which loads could 
_be applied by means of dead weights acting through levers arranged to apply 
- transverse loads to each beam and direct axial load to the stanchion. The ~ , 
s stanchions were thus bent by the beams in single, or C, curvature bending or 
in double, or S, curvature. Beam loads to some pre-determined value were 
4 first applied and direct axial load was then added until collapse of the _ Foe 
eT’ stanchion occurred by buckling. An idea of the economies obtainable can be - 

4 gathered from the curves of Fig. 7 where the axial load to bring about coe 
_ lapse, curve (1), is compared with that producing first yield, curve (2), for a 

1,25 in. x 0.75 in. I-section stanchion ten inches long bent in double curvature. 
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oo development of the plastic z zones ina a stanchion of arene 
- cross- section 1.25 in. x 0.375 in. connected to beams and bent in single pri > 
— ture is shown in Fig. 8. The successive conditions of the stanchion corre- 
_ spond to a progressively increasing axial load until it reaches 6.82 tons as in 
Fig. 8(c). This represents the critical condition of the stanchion at which the 
axial load is a maximum and the stanchion can only resist thereafter a pro- 
gressively decreasing load. In Fig. 8(d) a condition of full plasticity has just 
_ been reached at both ends and at the mid-height of the stanchion, the axial — 
being then only 5.91 tons. The theoretical analysis was in 
| agreement with the experimental results. A design method based on the above 

has been suggested (The Steel Skeleton, Vol. I Pp. 293). Since the beams must a 

Stanchion with Plastic Both Axes (Px, Py) or r with 
) 


; — Loading a about 7 and i Simply Su Supported about YY (Px, Oy 
wen, as in these cases, the 1 values of the end moments : are fixed by plastic — 
hinges external to the stanchions, it is best to design elastically since the a a 
presets has little reserve of strength after yield has occurred at the most 
highly stressed section. Since the end bending moments constitute an im- 
portant load on the stanchion economical design methods are essential. ‘These 
are available for stanchions where torsional instability is prevented by the 
7 presence of casing, or otherwise, in the form of the curves prepared for the | 
- Steel Structure Research Committee. 4, Since, however, torsional instability _ 
must be taken into account in | some cases, especially when large moments are 
5 present. about the XX axis, a new method of design has been developed by ch 
, 


dispenses with curves Steel Vol. page 32 1). tant 
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_— method of design like that of the Steel Structures Research Committee 
bed 


7 is based on the limitation of loads 3 to those values just sufficient tocause 
yield stress in the most highly y stressed fibres of the member. The stanchion | 
- is assumed to be of I-section with moments of inertia I, and | ly. _ The distances 
of the extreme fibres from the major and minor axes are ax and ay re- 


“a 
y 


‘i: 4 spectively. A is the cross- -sectional area, K the Saint Venant torsional 7 - 
constant, E the modulus of elasticity and G the modulus of rigidity. If the — oe 
_ stanchion length is subjected at its upper end to moments M'x and | M'y abou about a7 2 
the XX and YY axes respectively and at its lower end to corresponding = SS 

= moments M'';y and | M''y and to an axial load per unit area pit can be shown | M 
_ that the maximum stress in the the member will not exceed the yield s stress ress fy, wa v3 


‘The values of N ‘ad i which are functions of p' and the relevant slender-_ 

nese ratio, may be obtained f from two charts prepared to facilitate calculations | 

while F, which is a function of the ratio ) of the relevant moments at the | upper 

and lower ends of the stanchion length, comes from another (Figs. 15- BP i 

15. 13 and 15-11, The Steel Skeleton Vol. II). It is also ) necessary tc to check 


itir™ 


— 


+ + is 


=" tee help of the eine it is a simple stator to judge if the conditions 
(1) and (2) are fi fulfilled and section chosen is thus 


Method for Stanchion Plastic Hinges | ‘About 3 Major 


I such as a single storey portal, it is required to develop a full — 
_ moment in bending about the major axis only, either at one end or, when it 
iBs- -1, at both ends, i. .e., in in double curvature bending. ‘The ultimate Oe 
s of the stanchion is invariably by torsional instability as has been shown again 

and again in full scale tests of portals. The aim of the design is to ensure a 


that torsional failure is delayed until a high « degree of plasticity has _ developed B su 

4 < in the immediate vicinity of the joint. A condition of full plasticity throughout — su 
the length of the stanchion corresponding to By = = 1 is impossible of attainment m 
since any stanchion becomes unstable before this stage can be reached. The ~ : m 

4 presence of plastic zones at one or both ends considerably reduces the flexur- th 

al rigidity about the minor axis. In ‘Fig. 9 the curve shows the variation with fh 
mean axial stress of the full plastic ‘moment Mp : about the XX axis for ig: al 
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FIG. 
typical I-section, the line gives the bending moment My, just 
sufficient to cause yield in the most highly stressed fibres. If a stanchion is - 
_ Subjected to some constant mean axial stress p and the major axis bending ~ | 
-moment is gradually increased, the flexural | ‘Tigidity about the e minor | axis re- 
Beer constant at the elastic value El, until the major axis | moment attains — a 
- the yield value My, (point A in Fig. 9): As the major axis bending moment is 
further increased the minor axis flexural rigidity decreases, becoming zero 
_ at the full plastic moment Mp (point B in Fig. 9). To the first recta See aie 
the may | be made that in the AB the the flexural | 
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ue, 
— the major axis moment My, is equal to the yield value Mr. to zero when 
My equals Mp. On the basis of this assumption the combinations of terminal 

4 moments My and 8xMy and axial load P sufficient to cause instability in ‘the 
absence of applied minor axis bending moments may be derived. Unfortunate- 
: ly, but not surprisingly, the rigorous analysis is complicated. However by | 
4 making approximations it is possible to arrive at a direct design method which 
_ is simple. It is found that charts may be produced for any given value of a 


‘Sectional ropert T equal to which ive the maximum 


i permissible slenderness ratio Vr, , for stated | values es of the ratio of end i} 


3 moments 8, and the mean axial ‘stress p. _ The chart for T = 30 tons ‘per sq. 


a in. is reproduced in 1 Fig. 10 where it is assumed that E = 13 ,000 tons per 89. 


‘The treatment described above for the design of stanchions against lateral 


. instability in the p presence of plastic hinges has its most important - application 


_ ‘in relation to single storey pitched roof frames of the type shown in Fig. 1 
5 although it may also be applied to multi storey frames particularly the upper | 
stanchion lengths. The problem has been ‘thoroughly investigated experi- ; 
Sees and the design method described — has | been found to give 


——o loading condition is of great importance in the evolution ie a design 


7 _ method taking full account of the benefit of joint rigidity. The principal load 


Carrying beams in the structure should be those framing into the flanges of 
the stanchions while the minor axis beams framing into the webs, which re- 


main elastic, stabilise the stanchions by providing restraint —" the sl 
eee: 


ONE OR BOTH ENDS 
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fortunately this case has so far proved intractable analytically and aithough 
‘some tests have been performed, (The Steel Skeleton ‘Vol. II p. _ 315) a satis- ol 


factory theoretical treatment is lacking. » ea? 


Stanchion with Elastic About the Axis 
About the Minor Axis (Ex, — 


(iv) above for ‘Py is is therefore re suitable. 4 ae 


(viii) Stanchion with Blastic About the Major Plastic 


= As with c: case Ox, Py | this loading sisallalohd will usually be uneconomic. 


Where it occurs elastic design methods are most suitable. 


(ix) Stanchion with Elastic Loading About Both Axes Ey) 


_ Considerable attention has been given at Cambridge to this case, ‘a number = 


‘of tests have been performed (The Steel Skeleton Vol. II p. 313) on stanchions ~ 
“connected to beams arranged to lie along the principal axes at each end. It 
had been hoped that the theory of plane stanchions might have been extended 
to this problem but it has unfortunately proved so difficult analytically that — re. 
“little progress has been made. | ‘The tests have shown , however, that oat 7 
- moments introduced by elastic major axis beams have comparatively little ef- 
fect on the axial load in the stanchion at collapse. It might thus be possible ote 


to make allowance for them by “empirical methods but so far this approach has > é 
not led to atractable design method. = 


fie The paragraphs above show something of the complexity of the stanchion _ 


- problem and the progress made in its elucidation. _ The designer familiar only s 
‘orthodox strut curves based on the behaviour of single length pin ended 
" stanchions may well be appalled. It must be remembered, however, that in We # 
ss designer’s hands rests the choice of the case to be considered since he _ 0 


can, when he uses rational methods, design a . stanchion to behave in any may 
he wishes. He can in fact concentrate his attention on two cases which can be oi 

_ applied immediately. The first is that, (v), for stanchions bent about the ‘oats wae 
_ major axis with a plastic hinge developing at one or both ends. This is used 


in the aostgn of single storey structures in which frame instability is of no 
importance. A simple direct design method is available. In multi- 


_ ing, the same method may be used for individual stanchion lengths provided _ 4 _ 


axial loads are not considerable. When axial loads are high it is more satis- 
pe to ‘design t the stanchions elastically, (iv), the end bending moments due 


ue, rotation of the ends about is are in this way e.- age es 
when § abled to sustain high mean axial stresses despite the high terminal moments _ etic ie 
ninal 
the 7 
| which 
— 
ae signilicant; the minor axis Deams receive no moment restraint Irom the = a 
sq. stanchions and so no advantage is to be gained by designing them plastically. Pe cough 
> sq. Since the stanchion is not restrained at the ends against rotation about the _— me - 
“4 _ § minor axis complete collapse will occur, except in very stocky members, at ae 
teral § a load very little greater than that at which the yield stress is first reached. — a a4 
cation scribed in section 
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_ Research Committee (The Steel Skeleton Vol. I, pg. 180). As in that method 
the worst loading conditions for each stanchion length of a building frame viel 
— be considered so that the most rigorous: combination of end bending ~ 
hg 
‘The alternative approach to design is to assume that the ends of the 
: _ stanchions can rely on the elastic rigidity of the surrounding beams to enable 
_ them to sustain high axial thrust. The plastic theory has given a much clear- 
er understanding of the stages leading up to the collapse of such stanchions — 
than was previously available. The theory of the stanchion bending about its 
- minor axis is well established, (iii), and solutions can now be undertaken with 
the help of electronic digital computers. While comprehensive design charts 
“I could thus be prepared, the design method would still be difficult to oy. i 
general the frames would not be particularly economical but the stanchions © 


would be very slender and this in some cases, be desirable a1 


The worst end moments which h a stanchion length hes to support can be 
- found from the tables of total bending moments on a stanchion prepared for © 
_ the Steel Structures Research Committee (The Steel Skeleton Vol. 1 pages 161 
and 162). These moments depend on the ratio of beam to stanchion stiffness — 
- (moment of inertia divided by length) and it must be remembered that those ~ 
_ beams designed to be fully plastic will have no effective stiffness. Horne in 
a paper to the 1956 Cambridge Symposium(9 andinalater 
4 paper\ (13 has ‘proposed a a more ‘approximate ‘method of arriving : at the values 7 
a Fig. 11 represents part of a multi- storey, multi-bay frame. Let Wj, we 
be the total factored loads (assumed to be uniformly a 
beams, e1W1, gQW2 etc. the total dead loads (also factored) while M 


ete. are the minimum plastic moments. - Then = 


and the stiffnesses are as indicated (K,, Ko, Kpg ete). 


bet In estimating the maximum clockwise stanchion moment at the joint E, it 


il form at at in beam EF while beam DE will remain elastic. the joint 
_ E been clamped against rotation before the application of the loads then there 


would be, after their application, a terminal moment at Ein beam DE of | 


‘magnitude —=, while that at E in EF would be the full ever value wa 


| Mp . The out of balance moment acting on the joint called the. “total elock- 


g now the joint E is unclamped the moments induced at E in the stanchion — a 
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minimum cain values. The assumption is made tha that th the provision ofa bs | 


; beam stronger than the required minimum will not weaken the resistance of - ; 
_ the structure and so the moments Mp and Mpg appearing in Eq. (3) will be _ 
the required minimum values and not necessarily the actual values. iad 
: _ Having calculated the total moments at the joints in a structure the ~ ‘ape | 

condition for the stanchion may be determined. ‘When : at the ends of any 
stanchion length the end moments have opposite sense the stanchion length | jos 
_— be bent in single curvature as shown in Fig. 12. For the | length EH, the 
value of MTE will be as in (3). ‘While ; at H the total moment will be pe a 
The s stanchion moments MEH at E are by assuming 
: rotation at E sufficient to achieve balance under the action of the total _ — 
_ moment MTE with pinned joints at the far ends of the elastic members. a Pa 198 
the MEB at the end E of stanchion length EB will have the value 


an ad 
tensit 
Even in this approximate method the stiffness ratios between the n members 

: e have to be estimated, but with a little p practice this | presents no serious diffi- | aaa 
__ When the end moments have the same sense the stanchion le length will be ae a 
ke bent in double curvature, as shown in Fig. 13. _ The total moment at a joint is = 
a distributed as before but with | points of inflexion assumed at mid-height of the 
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lengths. This the etiect by or one half the effective 


_ stiffness of the elastic beam in the expression (4) for stanchion end moment. 

It should be noted that for an external stanchion length the loading shown in 
Fig. 13(b) will be more rigorous than that in Fig. 13(c). 5) vc 

- -It is realised that in the method of estimating end moments just described ;-2 
. there are many sweeping approximations to which exception can be taken. It iy 


is confidently expected, however, that when more experience has been obtained — 
ik of designing multi-storey frames a method of estimating end moments based <a 
_ more closely on the rational Steel Structures Re Research Committee tables will 
forthcoming w which will be simple e enough to ) appeal to designers. 
An to the Cambridge University Engineering Laboratory, erected 
in 1956, was designed plastically. . It consists of a central four storey wing, ait 
connected at its east end to the existing main five-storey Laboratory, and of fk : 
an adjacent single storey block. The completed welded rigid frame of the ex- a a 
_ tension is shown in Fig. 14. The whole of the ground floor is 20 2. high, — 
bay of the single storey block carrying a hand operated crane of 2 ton capacity = 


| with rails slung from the roof beams. _ The first floor of the central wing is a 


| laboratory, 12 ft. 6 in. high. The main frames are at 11 ft. centres, the main _ : q 
i being 33 ft. throughout. A restriction on the total height of the building 
limited the two uppermost storey heights to 9 ft. Beam spans of 33 ft. could | r - ; 
not have been 1 retained economically had it not been for the reduction in beam — 
depths made possible by the adoption of ‘rigid welded construction. 
The cladding of the building consists of brick exterior walls. The floors 4 
= are in situ reinforced concrete, as also is the roof of the central wing. The > ; 


distributed roof and floor loads and the total 


gn 
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a. The single storey block ¢ block did not include any novel features and so will not @ j 
cat _ For the four storey wing the wind loading condition was not critical since _ 
all sway forces could be assumed to be taken by the end wall on the west face — 
and by the existing building at the east end of the wing. oe ‘The whole ofthe 
_ frame was therefore designed for vertical loading only, the assumption being — 
made that the stanchions were restrained ad agninat ‘sway deflexion at each floor 
aa The beams were designed in the most economical way possible, their col- 
lapse condition being the development of full plasticity at both ends and at the 
centre. The stanchions were then designed by the method already outlined. a 
_ The worst end moments were calculated as described in section 6(d) and the 
: adequacy of the stanchion section chosen for each length was then tested by _ 
the methods set out in section 6(c)(iv) and (v). The detailed design calcu- — 


ea lations are reproduced in Tables 3(a), (b) and (c). It will be seen that they m 
age an excessive amount of work. 


(1) Liv Live load in 1 tons | per beam (factored) = ae i ‘ or 
Ratio of dead load to live load = 
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)=M 
(2) Required plastic modulus = wea, 
— (3) Section chosen, with actual plastic 1 m 
(4) Moment of of actual 


es 


(1) Stiffness of beam to left of joint = ‘Ky 
‘g (2) Stiffness of beam to right of joint = Kp 


(3) Stiffness Q) = Ka + KL and Ky, denote stiffness of of 
u 
(4 4) Stiffness ratio Qo = 


at The axial load P tons in the stanchion. This is calculated on the as- 7 
io. sumption that all floors | carry their full live load, but a reduction is — 
2 made for stanchions supporting two or more floors , the reductions be- = 
ing the same as those allowed in clause 8 of B. 449 (1948). 
(2) Height of stanchion length (between beam centres) in feet = h . wt 


| 


() hes of cross section of stanchion = A sq. in. 
(2) Torsion constant T (see section 6(c)(v)) 4 


Pp 
Mean axial stress P= == (tons /in2). 
(2) Elastic modulus of stanchion for bending about n 


mi 
contains t the calculation terminal moments in the anchion 
a Third floor stanchion.—This carries a small axial load c only ol is there- 
. fore | most conveniently designed to develop full plasticity at the top « of the | 


= 128 


: ‘frame where it supports the roof beam. ‘The ‘special design curves given in | 
“The Steel Skeleton” ' Vol. II p. 343 are used for this purpose. _ The top bending 
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a strong in in bending. In order to check tl the stability of the stanchion, the mini- ae 

mum moment at its lower end must be obtained, so that the third floor should aa 

J carry dead load only. The bottom stanchion moment becomes 1159 tons in, ire. 

- this is divided between the second and third floor stanchion lengths a 

+ _ Second floor stanchion.—The loading condition for this length is s less : se- i 


— 


ere than that of the length below and so need not be checke@ 
_ First floor stanchion. —This stanchion length contains a a splice four feet ue: 
 sheee the first floor beam, but bending moments are calculated as fora a 
stanchion with the smaller section throughout. — The critical loading condition — 


ite! 


7 is for double curvature with the e larger 1 moment at the bottom, since the first he ‘ 
< floor is more heavily loaded than the second. — The ‘total joint moment at the 


> is 1260 tons in. while that at the bottom i is ‘Mp = = 1885tonsin. ep il 
- Ground floor stanchion. —The base of the stanchion is assumed to “a 
hinged, whence 8 = 0. The | total joint moment at the top (Mp = 1885 tons in.) © 


is divided between the 2 upper and lo lower stanchion lengths in proportion to their 


(1) Ratio of terminal bending moments Ti usin 
(2) Bending stress due to larger terminal ‘moment. 
first floor dapchion, which contains a splice, the bending ‘stress of 
a 14.70 tons/in2 for the lower end of the stanchion is fictitious, and the a 
value in parenthesis (8.40 tons/in2.) is the actual value. ames aa 
_ (3) Greatest terminal stress p +f". This must not exceed 15.25 tons/in.2 
q 


(1) value of Nx obtained from. p pand - 
(2) pele 


3 The value of f, ob ‘obtained from p' 
g p + Nyxf stability, this ‘must not exceed ‘the value of 
The » position of the splice in floor 1 is obt obtained yield 
_ stress is not exceeded in the smaller section. _ The eee — axis be 
«ings stress at the splice section is. given 
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‘ST 4 STEEL STRUCTURES 

‘Details of the beam to stanchion connexions are shown in Fig. 15. They 7 ! 


are of two types, Fig. 15(a) refers to those on the second and third floor and — 
in the roof while Fig. 15(b) refers to the first floor. The upper flange of the 


beam was prepared with h a 60- -m. Pe ay and Pe e lower flange w with ith a 50- Petes 


(c) Erection and Site ‘Welding 
fe tect of the were ‘provided with 3/4 inch base plates con- ers 
ae... by periphery fillet weld. Two 1-1/2 inch diameter holding-down bolts — 
were used per sta stanchion which was treated in the calculation as pinned at the 
base. Cleats were e provided for seating the main beams | during erection. The — 
cleats were left on after the frame had been site welded but temporary top 
clamps were used to hold the beams to the stanchion face. The weld prepa- pe 
ration and the weld details for the main beam to stanchion connexions are 7 
shown in Fig. 15. It will be seen that in b onder to obtain a ony through ae Bs 


7 


weld and it was considered that this weld seeiiie was necessary to nate the 
full strength of the site welding presented no major difficulties. 


comparison was made between the plastic design and designs 


with | beams. It It was by the restrictions imposed 
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| 
etion of the main flange butt-welds, fillet welds were added underneath 
a flange and either side of the web. It will be noticed that the main butt- [aE 
- were made up until the total throat thickness exceeded the mean flange _ a 
3 
} 
4 
ae 
— 
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: - .— the architect on the depths of the beams in the third floor and in the roof — 4 
to 14 in. With this restriction the orthodox design involved a fabricated 1 
: section for the third floor and the total saving in weight obtained by plastic 
design was 19%. The orthodox design however was obtained without any 
of allowable deflexions. In the plastic design t the total working 
@ deflexion in the third floor beam was found to be 0.87 in. or 1/455 of the span 4 
whereas in the orthodox design the deflexion was 1.71 in. or 1/232 of the span. _ 
_ If it had been desired to restrict deflexions to the usual ratio 1/325 thenthe 

. roof and third floor beams of the orthodox design would have to be redesigned — 

_ and the plastic method would have shown a net saving of 29%. Cost compari- 
sons are difficult since they are entirely dependent on the willingness of con- iJ 
tractors to undertake new methods of construction objectively in relation to _ 
existing methods. For the ‘Cambridge building the net cost of the welded 
_ frame was the same as that of an orthodox bolted frame, the higher cost per 
ton of the welded frame being due to the experimental nature of the project. 

Considerable economies will certainly become possible when the techniques 
‘a site welding are established. In the Cambridge frame no trouble was ex- — 

s < perienced in laying any of the welds except for the first run in the beam oe. 
flanges. The making of a butt-weld against a vertical stanchion face must be 
always present difficulties and investigations are being made now at — Qed) 
Cambridge to find the extent to which fillet welds only may be relied uponto ~~ 

a develop the full plastic moment of a beam section. Most promising results = 

iE are being obtained and a typical connexion is oun in Fig. 16. RA The provision 


 meeenanty refinement. In the new Cambridge joint the beams are connected * 


i : to the erection cleats by bolts which are left in position after the site welding — 7 


ae The economy obtained by the plastic method of design r results from a 1 grea t 


saving of weight in the beams wales is offset by an increase in the “a 
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STEEL ST. UCTURES 


weight of the ; stanchions. It should be noted that a a single bay frame will ‘show a 


this offset much more than a multi-bay frame. It will therefore usually be | 


Sy that and the total in will usually 


: to any form of structure. + should allow of the development of forms | which 
~ the steelwork designer, up to now, has thought to be ae 
7 a Perhaps the most obvious attraction of the method lies in the simplicity of 
the design office work. _ This can be readily appreciated if a system of co g 
_ tinuous beams of varying spans and varying cross-sections is considered, _ 
4 such as the “platform” for the London Air Terminal. This would have been 
= impossible to design economically by elastic methods. i For pare and all 


4 to apply. It is only in multi-storey structures which introduce continuous git 
compression members that complexity still exists. However the basic 
_ problem is now well understood and if engineers familiar with it are given the 
_ opportunity of designing a number of real structures there is little doubt that 


he they will soon to suggest which not destroy the 
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EFLE DEFLECTION LIMITATIONS OF BRIDGES? 


bs called attention to the fact that limitations on depth- span ratio are no longer — 


CLOSURE BY THE COMMITTEE. -— —Both Dr. Leonhardt and Mr. Imer 
_ applied to the design of highway bridges in Germany. . Dr. , Leonhardt al * : 
cites his e experience with numerous bridges of steel or prestressed ‘concrete is 
with depth-span ratios or live-load deflections considerably outside the limits 
of the present AASHO Specifications. © | This news is welcome and not incon- 7 

sistent with the findings of the committee. Although n no really rational basis 
could be found for the existing depth-span limitations, the committee did not if 
feel ready to recommend more e factual information 
ent 
"methods for computing d deflection, which are so clearly out by 


Mr. Kabaila, it was felt, as stated in the Recommendations, Item 1, that in dae 


kc creased precision in the calculation of deflection is of little value inthe 


_ absence of a truly rational basis for determining what limits, if any, | should 
be} placed. on the deflection. - Moreover, if it should turn out that frequency or ; 
_ acceleration rather than magnitude of deflection is a more appropriate cri- 
‘terion, the problem is even more complex. 
The question of wheel load distribution was outside the scope of the « com- 
mittee’ Ss assignment. it is true that the distribution of load and of 


Although many engineers would agree with Mr. ‘Kabaila that the viii 
‘aa not be penalized for using more accurate methods of analysis, it must 
_ be realized that the calculation of deflections or moments for certain assumed 
or idealized loadings is only one step in the design of highway bridges that ie 
are expected to remain safe and serviceable for a relatively long period of oe P 
ag Although there is clearly a relationship between stress and deflection for , 


any given member, as pointed out by Mr. Imer, the committee cannot agree 


‘ that a limit on stress can serve also to limit deflection. For one thing,a 


r limit on total stress due to dead and live load will r not limit the live load de- 
i flection, as seems to be the intent of the deflection limitations of the present ia 
_ Dr. Leonhardt’s reference to frequency of Vibration as a basis of pedestri- 
q an n reaction was ; of special ir interest to the committee. This factor, however, 
not eliminate of objections to vibration, since many of the 


Proc. 1633, May, 1956, by the Committee on Deflection Limitation 4 
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a always either simple or direct since the distribution of load, moment, and de- .. 
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a 
a - bridges which present this problem are of relatively short i the 
it pedestrian population in the United States is not so small as Dr. Leonhardt — 
implies, especially in urban areas from which most of the complaints have 

rigs come. Objections to vibration have also come from passengers in vehicles, 
usually in the heavy traffic of urban areas. 
The committee is grateful to the discussors for their evident interest and 


their thoughtful and stimulating comments, all of which will be 
serious consideration 1 in the future activities of the committee. 
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DRONNADULA REDDY.1—Professor Malter’s paper is confined 
- numerical methods of analysis for interconnected beam systems with the — 4 
following two assumptions: (a) Infinite torsional rigidity of the longitudinals 
g (b) External torques preventing rotation. As pointed out by the author, — s 
_ Pippard and De Waele(1) made the same assumptions for their solution by 
- differential equations. These assumptions are difficult to satisfy in practice. ~~ 
In reinforced concrete Tee beam bridges the girders may justifiably be as- ‘pp 
ba sumed to possess infinite torsional 1 rigidity but in the case of simply supported | 
there will be nothing to prevent rotation, j= hown in Fig. 
Consider the transverse profile o of a 3- bridge shown in Fig. 


where where Mj9 = = Moment : in medium 1 nit 7 


EI, =: Flexural rigidity of a transversal. 


= span an of bridge Us 


92 = = deflections of longitudinals 1 
> 


= The mo moment M, has to be balanced by y moments in the longitudinal 1. The 
12 

_ balancing moments in the longitudinal can be induced provided there is rela-__ 

_ tive twist in the longitudinal or if external constraints provide the necessary — 


restraint. There is no relative twist in a longitudinal with infinite torsional 
‘rigidity and therefore it rotates as a rigid body. When the ends are simply _ 


and the transversals have to be very stiff indeed to provide sufficient rotatior 
al restraint. From the values plotted by Hendry and Jaeger the minimum — 4 
value of k for this condition is found to be 22.7 x 107 -8 for a | 4- -longitudinal 08 o) 
bridge loaded « on the outer. Professor Malter’s values of K are much less _ > 
than this figure. The percentage moment values obtained from analysis of the 
4 4-longitudinal grid loaded on the outer assuming (1) Infinite torsional | ey io 
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= -—Totaton, ar plotted in Fig. 2. “The values have been obtained from the plotted 
_ results of Hendry and Jaeger. (2) Professor Malter’s values are also shown | 


for comparison. For the case considered by the author the | results show good 
is agreement with the Hendry-Jaeger values. However, there is considerable _ 


‘difference in moment proportions between the ‘No Rotation’ and ‘Rotation’ con- 


tins Even when the errors in longitudinal ‘moments are small the moments 


in the transverse members may be considerably overestimated by de! 1 

The observation of 10% deflection at q quarter p points follows from the 

_ known fact that a beam under symmetrical loading deflects almost exactly into 
le P a sinusoidal profile (first harmonic) and it is ‘Surprising that Professor Malter 
not refer to it in this manner. ™ 


‘The method of representing the pressure of an elastic foundation by means" 


PERCENTAGE 


of. a series of redundant reactions and setting up a system of simultaneous 
_ equations in terms of the pressure ordinates and the elastic constants of the - 
; a beam and foundation was first described by Levinton. (3) In a discussion of ae] 
_Levinton’s paper, Gold(4) suggested the Finite difference method of solution. 
7 aa The method has been applied in some numerical examples by Malter. (5) “The | 
se. number of equations becomes large for unsymmetrical loading. The approxi- 
a mations in computing the areas of pressure diagrams of the elastic foundations 
~may Cause appreciable errors in the case of ill-conditioned equations. Also 
Ke os small errors in deflection will lead to large errors in moment values pies 4 
ticularly in the transversals. The method of using correction factors to re- a 
es — duce e the error - caused by using finite differences instead of infinitesimals is be 
ee be commended. It is simpler than the generalised extrapolation ose le 
_ desc ribed by Richardson. (6) However, the writer cannot agree with the use 


“eous of deformation. It is convenient to examine the shapes of deflected ek | 
Pe: profiles from the viewpoint of harmonic analysis. The loaded girder will de- 


form almost into a given the superposition of a first and a 
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ie. first harmonics only. . While the e errors caused by ‘using t the ‘same cor- wey 


ing they may become appreciable for unsymmetrical loads 
Professor’ Malter replaces the entire transverse by three 


_ quarters of the whole span is accounted for. If the outer r diaphragms were + 
assumed to be at the ‘sixth’ points then each diaphragm would replace ce 

"transverse medium forathirdofthe span, 
With the statement “Any practical must be toa 


extent by experimental results and observations on full - scale and no 


of such 
limits the paper to analytical procedures only. The writer would like to refer materi 


poundes 
buildin, 


| search 


L . Pippard, A. J. S. and De Waele, ie P. A. “The Loading of Interconnected ee 
, Journ. Inst. Cc. E. » Vol 10, No. 1, 1938. 


ry, y, A. W. and Jaeger, “The Analysis of Grid Frameworks and 4 
Relat Related Structures”, Chatto and Windus, London, 1958, 


Reactions”, Proc. ASCE, Vol. 73, No. 10 December 1947, pp. 1529- 1541. 
; 4. Gold, J., “Discussion of Elastic Foundations Analysed by the Method of 4 


mae! Re dundant Reactions”, Proc. ASCE, Vol. 74, October 1948, pp. 1375- -1381. 
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Decks” , Trans. ASCE, Vol. 123, ‘1958, pp. 1214-1241. 
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. THE FACTOR OF SAFETY IN DESIGN OF TIMBER STRUCTURES? 


EMILIO ROSENBLUETH, 1 A. M. ASCE.—The author’s clear presentation 
of such a basic subject should point the way for workers in structures of —.. 
materials to attempt similar applications in their fields. ‘The methods — 
pounded as they stand can already supply bases for fixing safety factors . 
building codes in a more rational and acceptable manner than had been possi- 
ble up to now. However, certain aspects of the problem | seriously demand — 


further research. The writer ventures the opinion that as a result of that = >. 


search non-negligible revisions will & be in order. The | amis er requiring 


4 In statically determinate structures as most timber 


Satie of one member may cause total collapse. Now many of the vari- i 
ables considered by the author are likely to affect all the members in 
i - the same manner and to the same degree, but others are not. The actu- 
_ ool probability of failure may thus be appreciably larger than computed 
SY ;% and, in some measure, the problem becomes one of obtaining the distri- 
bution of the smallest ‘sample ina group. Under the that 
the method of random products, or some equivalent ‘procedure, wil 
eventually find place in the study of steel and reinforced concrete 
_ structures, it is well to point out that the problem of the weakest link 


become critical in multistory 


eal studies. It is well established that at least most types of live “a 
=. are such that the design unit load decreases with increasing loaded 
area. (1,2,3) But the rate of decrease is a function of the permissible _ 
probability of failure.(2,3) Hence, the live load and its distribution to 
be considered in | computing the factor of safety are not independent of Fil 
the permissible probability of failure. 
The permissible probability of failure is affected by ‘the ‘cost of a po- 
gana failure. And this cost is influenced by such matters as prestige, a 
Joss of human lives, and other near-imponderables. It : is true that esti- 
mating the allowable probability of failure is less objectionable than a 
direct estimate of the factor of safety. But unless the n 
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| Research | Prof., , Inst. of Eng., , Univ. of Mexico, ‘Mexico 0 City, Mex. fives 


= 


q 
; 
9 
ake 
| 
| 
a bility of failure established on rational bases, little further progress 
may _be expected in the field of load factors. 
@ 


‘The method of random products is attractive when individual distribution — 
are known with a high degree of precision. Otherwise a simpler 
though less accurate method is preferable. One simple method can be de- 
hs rived from relations between distribution functions of individual variables and 
the distribution function for their combination. These relations have been __ 
@ _ published repeatedly in connection with structural design.(2,3,4,5,6) = | 
ee _ _When stability is governed by the additive association of normally distribut- 
a ed variables, the relation is simple.(3) Assume, for example, that a structur- 
a al element of strength S is called upon to resist the sum of live load L and a 
9 dead load D. Variables D, L, and S may be said to be additively associated _ 
determining the stability of the member, for failure will be impending when 
S-D-L=0. If each of the variables the 
the C’s represents the factor by which the corresponding load 
. u would have to be multiplied (or the strength divided) in order that the pr oba- 
7 bility that the load be exceeded (or the strength not reached) be equal toa ~ 
_ given value. In other words, Cp, Cy, or Cs is the factor of safety required wl 
_ give a certain probability of failure if the dead load, the live load, or the 
val ‘strength is the only random variable, the other two being deterministic. Use 
of the global factor of safety C in conjunction ‘ with the expected value of each 
variable leads to the same probability of failure when all the variables are : 


— 


i 


Similar for variables with log- -normal distributions associated multi 


fr ast the ones considered b by the author, 


onsaae that here each factor of safety is taken with respect to the pial 
of the expected logarithm of the variable. 
; _ those from Eq. ( 3) Moreover, the distributions of most variables of inter- 
est in structural design lie lie either between the log- “normal and the normal Sak: 
"i distributions or quite close to one of them. 5) This is also true of the product 
: 4% of several variables, each with normal distribution: indeed the log-normal RY 
B. ‘distribution is the limit for the product of an infinite number of well-behaved — 
= random variables. And since strength and load may ry each be regarded as suc! 
ta products or sums of variables, and stability is governed by their difference, _ 
aad one may expect Eq. (1) to give ’ reasonably accurate results, almost always on 
ape _In the case of timber structures, the author has shown that only three of ‘i : 
: 13 variables | affecting safety have uniform distributions, and the corre- 
sponding ranges are quite narrow compared with variations of the other 
ables. Hence Eq. (1) would be expected to yield satisfactory results. aa 


Assume a permissible probability of failure of 0. 5 per cent. terms 
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where E denotes expectation is the standard (The 2. 58 


is that required for an 0.5 per « cent chance of failure; for 0. 05 per cent it re 


. would be 3.29.) For the three variables with uniform n distribution, = 
where max(X Xj) define of Xj. Thus, 
704, 
00 - 2.58 x 0.160 
A safety factor of 2.2368 is obtained in this manner from Eq. (1). _— is a 


with | respect to the product of expected values, 1.00 x 1.00 x 12. cae = es ae j 


0.4338. To find the factor of safety with respect to nominal load aad ae. - 


it must be divided by this product: 


_ Compared with the factor | of safety wet 5. 0. commend wy the author, the error 
is 3 per cent on the safe side. 

_ The present method was carried out in a few minutes on a desk calculator. 
if many such computations have to be performed the procedure is amenable — 
to programming for electronic competetion. 
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"Discussion by Kuang-Han Chu 


KUANG- HAN CHU, 1A. M. ASCE.—The writer should like congratulate 
‘Dr. Guralnick for this significant contribution to reinforced concrete alg 


Search. 


writer, however, should like the ae to clarify the following points in n his i 


‘Why is ve used to predict —_ occurrence of the first diagonal tension — 
a crack? ‘This question is based on the following considerations: 
_ Diagonal tension cracks are actually caused by diagonal tension, not by 
_ shear; (b) it has been stated in many books and papers that the shearing : 
i strength of concrete is greater than the tensile strength; (c) although __ 
_ shearing stress is usually computed as a measure of the a 
7 4 tension stress, the actual governing factor should be the tensile 
_ strength not the pure shear strength. Thus it is not clear to the writer — 


why the pure shear strength is used instead of the tensile strength. © ty 


as determined by the Mohr circle envelope? 
2. The Mohr circle determines properly the stress at a 


~ MU s 4444040 


in this paper, the average stress is used. The writer wonders whether 


a elastic ange. _ The question is whether there is any possibility that the 2 


that Kp and Ke differ ne not more than 5%. The writer believes that 
true for But this is not necessarily true for 


- to all the above questions. He hopes that this paper will stimulate more 
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ON THE SOLUTION py THE THE COLUMN 


Expressions for various cases should read a 
MA - Mp + H'h)/L, preceding Eq. P. 
-Mp + Hh )/L, preceding Eq. 
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(SM4), 1825(SM4), 1826(SM4), 1827(ST6)°, 1828(SM4)°, 1829(HW3)*, 1830(P05)°, 


“NOVEMBER: 1889(HY0), 18940760), 1835(SA6), 1836(8T7), 1837(ST7), 1838(ST7), 1839(ST7), 1840(ST7), 
1841(ST7), 1846(SU3), 1847(SA6), 1848(SA6), 1849(SA6), 

18 1851 1856(HY6)°, 1857(ST7)°, 1858 


DECEMBER: 1859 1861 (IRA), 1863(SM5), 1864(SMS5), 1865(ST8), 1866(ST8), 1867 
STS), 1868(PP1), 1869(PP1), 1870(PP1), 1871(PP1), 1872(PP1), 1873(WW5), 1874(WW5), 1875(WW5), 1876 


(WW5), 1877(CP2), 1878(ST8), 1879(ST8), 1880(HY7)°, 1881(SM5)°, 1882(sTS8)°, 1883 PPi)°, 

VOLUME 85 


JANUARY: 1892(AT1), 1893(a72), 1894(EM1), 1895(EM1), 1896(EM1), 1897(EM1), 1898(EM1), 
1901(HY1), 1902(HY1), 1903(HY1), 1904(HY1), 1905(PL1), 1906(PL1), 1907(PL1), 1908(PL1) 
1909(ST1), 1910(ST1), 1911(ST1), 1912(ST1), 1913(ST1), 1914(ST1), 1915(ST1), 1916(AT1)°, 1917(EM1)°, 
-1918¢w1)°, 1919¢HY1)°, 1920(PL1)°, 1921(SA1)©, 1922(ST1)°, 1923(2M1), 1924(HW1), 1925(HW1), 1926 
(PL), 1927(HW1), 1928(HW1), 1929(8A1), 1930(8A1), 1931(8A1), 1932(8A1), 
1933(HY2),, 1934(HY2), 1935(HY2), 1936(SM1), 1937(SM1), 1938(ST2), 1939(ST2), 1940(ST2), 
1941(8T2), 1942(ST2), 1943(ST2), 1944(ST2), 1945(HY2), 1946(PO1), 1947(PO1), 1948(PO1), 1949(PO1), 
1951(SM1)°, 1952(ST2)°, 1954(COl), 1955(CO1), 1956(CO1), 1957(COl), 1958 
MARCH: 1960(HY3), 1961(HY3), 1962(HY3), 1963(IR1), 1964(IR1), 1965(IR1), 1966(IR1), 1967(SA2), 1968 
SA2), 1969(ST3), 1970(ST3), 1971(ST3), 1972(ST3), 1973(ST3), 1974(STS), 1975(ST3), 1976(WW1), 1977 
(Ww1), 1978(Ww1), 1979(WW1), 1980(WW1), 1981(WW1), 1983(WW1), 1983(Ww1), 1984(SA2), 198582), 
APRIL: 1990(EM2), 1991(EM2), 1992(EM2), 1993(HW2), 1994(HY4), 1995(HY4), 1996(HY4), 1997(HY4), 1998 
1999(SM2), 2000(SM2), 2001(SM2), 2002(ST4), 2003(ST4), 2004(ST4), 2006(PO2), ;2007 
2008(EM2)°, 2009(ST4)°, 2010(SM2)°, 2011(SM2)e, 2012(HY4)° , 2013(P02)' 


18 Dee 
2(HY2), 1583(H¥2), 1584(H¥2), 1585(HY2), 1596(HY2), 1587(HY2), 1588 
| 
— 
4 | 
| 
— 
| 
| 
| 
| — 
> 
: 


ENGINEERS 


FICERS FOR 195 


erm expires 1959: 1 Term expires October, 1960: 
L. HOLLAND 
LLOYD D. KNAPP 


Term + October, 1959: October, 1960: Term expires October, 1 

CLINTON | D. HANOVER, PHILIP C. RUTLEDGE Se 


WILLIAM ‘J. HEDLE H. RHODES, 


PROCEEDINGS | 
LARSEN: 


SOCIETY ( — 
— 
— 


